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men.
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Introduction

Rapid and important changes in dynamic testing in Geotechnical Engineering
over the last decade suggested to ASTM the need to bring together experts for an
evaluation of the present state of practice in laboratory and field testing to deter-
mine dynamic soil and rock behavior. The result was a “Symposium on Dynamic
Soil and Rock Testing in the Field and the Laboratory for Seismic Studies” held 28
June in Denver, Colorado, during the 81st Annual Meeting of the American Society
for Testing and Materials. The Symposium was sponsored by ASTM Committee
D-18 on Soil and Rock for Engineering Purposes.

The Symposium consisted of two one-half day sessions: The first session on dy-
namic field testing of soil and rock and the second session on dynamic laboratory
testing. Both sessions featured invited talks by experts who described practical
methods for using existing test methods to obtain better information about the
dynamic behavior of geotechnical materials. In addition, the invited speakers
described how new testing techniques could be used to provide additional informa-
tion on dynamic soil and rock behavior. These invited speakers were not asked to
review all the literature on dynamic testing and to present a dry discussion on what
people have done in the past. The authors were, on the other hand, asked (1) to
critically review what is being done in dynamic testing, (2) to suggest ways of im-
proving existing techniques, and (3) to suggest new techniques for solving current
problems that compromise our understanding of the dynamic behavior of soil and
rock. The first group of papers presented in this volume shows that the invited
authors did an admirable job of meeting this challenge.

In addition to the invited oral presentations, technical papers on either laboratory
or field dynamic testing subjects were submitted to the Symposium for publication
only. These papers provided a basis for some of the conclusions presented for the
oral presentations by the invited speakers and form the basis for a better under-
standing of the dynamic behavior of geotechnical materials.

A brief description of the oral presentations on Dynamic Field Testing of Soil
and Rock is given by S. D. Wilson in his paper on in situ determination of dynamic
soil properties summarizing our knowledge of field techniques for determining the
engineering properties of large soil masses in the field. His remarks form the basis
for an improved understanding of the advantages and disadvantages of different
field testing methods and an understanding of problems in the interpretation of
field test results.

The important problem of in situ density determination and its effect on dynamic
soil behavior was covered well by W. F. Marcuson who summarized years of ex-
perience of the Corps of Engineers in developing ways to determine the in situ den-
sity of cohesionless soils.

To conclude the session on field determination of dynamic properties, J. H.
Schmertmann presented an important paper describing the use of penetration test-
ing as a possible measure of dynamic soil behavior. In this paper he suggested new
ways to interpret standard penetration test results which should lead to more ra-
tional use of the penetration test in field dynamic studies and to better interpreta-
tion of SPT test results.

A lively panel discussion chaired by Drew Tiedemann invoked some lively ques-
tions from the audience on what is the relative accuracy and importance of field
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2 INTRODUCTION

testing and what should be done to improve our ability to measure dynamic prop-
erties of soil and rock.

The afternoon session on dynamic laboratory testing of soil and rock was key-
noted by Julio Valera in his oral presentation describing how better coordination be-
tween the design engineer and the laboratory can lead to an improved understand-
ing of dynamic soil and rock behavior. In this talk, Dr. Valera pointed out the
importance of close cooperation between the engineer and the designer from the
very beginning of any testing program requiring the determination of dynamic
properties in the laboratory.

The important question of specimen preparation and its influence on dynamic
soil behavior was discussed by Richard Ladd, who pointed out how cohesionless
soils cannot be directly modeled in the laboratory without attention being given to
the selection of specimen preparation technique. This fact, known for a long time
for cohesive soils, is now drawing the attention of a number of researchers and Mr.
Ladd’s presentation helps to describe the importance of this variable in predicting
field behavior from laboratory test results.

Three speakers were invited to discuss the three most common methods of labora-
tory determination of the dynamic properties of soil and rock: (1) Cyclic Triaxial
Strength Testing, (2) Cyclic Triaxial Properties Testing, and (3) Resonant Column
Testing.

Cyclic triaxial strength testing was discussed by F. C. Townsend, who pointed out
how testing details can influence laboratory determined cyclic triaxial strength
values used to measure the liquefaction behavior of soils. He pointed out how
small testing details can influence strength results. Cyclic triaxial properties testing
was described by M. L. Silver who described how test equipment features can affect
test results as well as how different analysis procedures can be used to interpret test
results in more meaningful ways. Resonant column testing was described by V. P.
Drnevich who clearly and accurately described limitations of the test and described
methods of determining when the rigidity of the specimen and the rigidity of the
testing apparatus are adequate enough to give accurate measures of soil properties
under dynamic conditions.

An animated and controversial panel discussion on ‘‘Nontraditional Testing
Methods to Determine Dynamic Soil Behavior” chaired by Dr. Silver completed
the afternoon session. Members of the panel made clear their ideas on how labora-
tory test results should be interpreted to evaluate field performance of soil and
rock. Particular attention was directed to the need for improved measurement of
in situ soil densities and the need for better sampling procedures for cohesionless
soils. ~

An overview of the entire Symposium shows that the goal of providing practi-
tioners with entailed suggestions on how to perform and use the results of field and
laboratory dynamic tests was achieved. The invited papers summarizing our knowl-
edge of the uses and abuses of laboratory and field test procedures, as well as the
detailed papers describing particular test procedures found in this volume are
excellent references for the engineer wanting more information on how to achieve
better measurement of the dynamic properties of soil and rock for improved design
and analysis of all types of Civil Engineering structures.

The cochairmen of this Symposium would like to thank the ASTM staff and
members of Committee D-18 for their support and help in organizing and publish-
ing the results of the Symposium.

M. L. Silver Drew Tiedemann

University of Illinois, Chicago, Ill.; sympo- Bureau of Reclamation, Denver, Colo.; sym-
sium cochairman. posium cochairman.



R. J. Hoar' and K. H. Stokoe II'

Generation and Measurement of
Shear Waves In Situ

REFERENCE: Hoar, R. J. and Stokoe, K. H., II, “Generation and Measurement of
Shear Waves In Situ,” Dynamic Geotechnical Testing, ASTM STP 654, American
Society for Testing and Materials, 1978, pp. 3-29.

ABSTRACT: Field procedures used to measure in situ shear wave velocity by cross-
hole and downhole seismic methods are presented along with typical travel time records.
Identification of the initial shear wave arrival is enhanced by use of a reversible tor-
sional source in the crosshole method and a reversible embedded source in the down-
hole method. Correct triggering of recording equipment is critical in these measure-
ments. Characteristics of three triggering systems—a velocity transducer, a resistance-
capacitance (RC) circuit, and an electrical step trigger—are presented. Incorrect
triggering can cause errors greater than S0 percent in field measurement of shear wave
velocity. Other variables such as borehole casing, borehole disturbance, and source
and sensor configuration also affect velocity measurement. The effects of many of the
variables can be minimized by basing wave velocity computations on interval travel times
of the initial arrival. It is recommended that any ASTM standards for crosshole and
downhole seismic methods include field check procedures for correct timing and
triggering of recording equipment and field measurement of borehole verticality.

KEY WORDS: crosshole method, downhole method, dynamics, fieid tests, geo-
physical prospecting, seismic investigations, seismic waves, shear modulus, shear wave
velocity, torsional source, triggering, soils

Accurate in situ shear wave velocity data are essential in evaluating the
dynamic response of soil or structures supported on soil during earthquake
loading, ocean-wave loading, machine loading, or other types of dynamic
loading. Geophysical methods such as crosshole, downhole, surface re-
fraction, and steady-state vibration are commonly used for onshore investi-
gation of in situ shear wave velocity [I-7].2 In situ shear wave velocities
are used to determine irn situ moduli by the relation

I Research assistant and assistant professor, respectively, Department of Civil Engineering,
University of Texas, Austin, Tex. 78712.
2The italic numbers in brackets refer to the list of references appended to this paper.
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4 DYNAMIC GEOTECHNICAL TESTING

G = 1Eyp M
g
where
G = shear modulus,
vr = total unit weight of soil,
g = acceleration due to gravity, and

vs = shear wave velocity.

Geophysical measurement of v, and hence G, normally evaluates these
properties at shearing strains below 0.001 percent (although a crosshole
technique has been developed which involves higher shearing strains [§-10]).
Moduli determined in this manner are commonly referred to as low-ampli-
tude moduli and are many times denoted as G,,,,. These moduli represent
initial tangent moduli used in nonlinear stress-strain relations for static
and dynamic analyses. Moduli at higher shearing strain amplitudes are
normally determined in the laboratory or are estimated from empirical re-
lationships.

During the past few years, there has been considerable controversy over
the worth of in situ shear wave velocity measurement. This controversy has
resulted from very significant variations in values of v reported by different
investigators for measurements made over the same travel paths at the
same sites. Some reasons for such scatter could be: (1) improper generation
and sensing of shear waves, (2) poor quality control, and (3) use of poorly
trained and poorly supervised personnel. However, even if these deficiencies
are corrected, variables still remain in the measurement techniques which
can affect the results and which are not properly controlled or fully under-
stood.

Variables such as (1) type and configuration of the source, (2) sensor
configuration, and (3) type, diameter, and spacing of the boreholes can af-
fect measured values of v [3,6,11]. The main reason for the apparent un-
concern for these variables is that they were insignificant when geophysical
methods were originally used to measure compression wave velocities over
distances of several hundred feet or more. However, for engineering investi-
gation of shear wave velocities, measurements are now made over distances
of tens of feet and these variables can significantly affect the results.

The objectives of this paper are (1) to outline field procedures for cross-
hole and downhole seismic survey methods which can be successfully used
to make accurate in situ shear wave velocity measurement for engineering
purposes; (2) to stress the importance of proper quality control, especially
correct timing and triggering of recording equipment and measurement of
borehole verticality; and (3) to outline some of the factors which affect in
situ measurement of v;. Field measurements, although viewed as very im-
portant by the engineering profession, seem many times to be relegated to
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a second-echelon status. In fact, if properly performed, in situ shear wave
velocity measurements are one of the most accurate measurements of “‘un-
disturbed’’ soil properties which can be performed today.

Crosshole Seismic Survey Method

The crosshole seismic survey method is well suited for determining the
variation of in situ shear wave velocity with depth. By this method, the
time for body waves to travel between several points at the same depth
within a soil mass is measured. Body waves may be either compression
waves, P-waves, or shear waves, §- waves, with compression waves having a
higher wave velocity than shear waves for the same soil conditions. Wave
velocities are calculated from corresponding travel times once the distance
of travel has been determined.

In engineering work, emphasis is placed on measurement of shear wave
travel time and hence determination of vs. The key components in such a
measurement system are (1) a source which is rich in shear wave generation
and weak in compression wave generation and which is directional, repeat-
able, and reversible; (2) receivers with the proper frequency response which
are oriented in the direction of S-wave particle motion; (3) a recording sys-
tem with the proper frequency response with which accurate time measure-
ments can be made and a permanent record produced; and (4) a triggering
system which correctly triggers the recorder.

One measurement system which fulfills these requirements employs the
standard penetration test (SPT) as the source, velocity transducers with
natural frequencies between 4 and 20 Hz as receivers, a storage oscilloscope
with camera as the recording system, and a velocity transducer or electrical
triggering system. This system, which is regularly used in the field, is
described herein.

Field Procedure

The procedure used in the field is to drill and case three (or more) bore-
holes to the desired depth several days prior to the start of testing. Drilling
mud is often used to reduce borehole disturbance from stress relief and
squeezing [10]. Each borehole is logged during drilling to determine, at a
minimum, soil types and layering with particular attention paid to the
thickness and inclination of layering. Borehole diameters are as small as
feasible to minimize factors which can affect the measurements such as
disturbance, screening, and wave interaction effects. Typically, borehole
diameters range from 10.2 to 15.2 cm (4 to 6 in.).

The boreholes are cased with either aluminum or plastic casing. Casing
with an inner diameter of about 7.6 cm (3 in.) is used because it is compa-
tible with geophysical equipment as well as with equipment used to mea-
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sure borehole verticality. Each casing is grouted in place with cement grout
in an attempt to insure intimate contact and good coupling with the sur-
rounding soil. Backfilling with sand around the casing does not seem to
work as well [11], especially for deep holes. (The effects of many of the
borehole variables on in situ measurement of v are not completely under-
stood.)

Figure la shows the relative location of these boreholes in which receivers
are placed when the test is performed. Borehole spacing on the order of 3
to 4.6 m (10 to 15 ft) is used. This close spacing is used to increase the
probability of measurement of a direct wave in each layer, to reduce the
probability of measurement of refracted waves, and to optimize develop-
ment of a unique velocity profile. If borehole spacing on the order of 15 to
30 m (50 to 100 ft) or more is used, development of a unique profile from
the measurements is much less likely and requires much more judgment
on the part of the investigator.

Close borehole spacing is also used so that the same phase of each wave
is propagated to each detection point [3]. This spacing may, however, be
altered somewhat during drilling as dictated by layering detected at the site.

Three or more boreholes are used so that possible refracted waves can be
evaluated [3,6,11]. In addition, the boreholes are located in a linear array
as shown in Fig. la to minimize anisotropic effects which might occur in a
data set and which would further complicate data reduction and increase
scatter in the measurements.

In this manner, receiver boreholes are drilled and cased several days be-
fore the seismic crew arrives at the site. This greatly reduces standby time
of the drilling and seismic crews.

Crosshole Shooting in the Field

To perform the seismic test, a drill rig is positioned at the location of
the source borehole shown in Fig. 1a. The drill rig is used to advance a
fourth borehole. If site conditions permit, an uncased borehole (which is
most economical) is used. After the borehole is advanced to the depth at
which measurements are to be performed, SPT equipment is inserted in
the borehole. Vertical velocity transducers (usually part of a three-dimen-
sional transducer package) are wedged in two (or more) of the receiver
boreholes at the same depth. Good mechanical coupling between the re-
ceivers and borehole walls is required.

The seismic test is then performed with the standard penetration test as
the source. This is done by attaching a vertical velocity transducer to the
drill rod several feet above ground level. Each time the 63.5-kg (140
1b) hammer is dropped, it excites the transducer attached to the drill rod,
which in turn produces a signal that triggers the storage oscilloscope. At
the same time, the drop of the hammer sends a compression wave down
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the drill rod. This compression wave is coupled into the soil at the bottom
of the rod. Body waves generated in the soil and their arrivals at the velocity
transducers in the cased boreholes are recorded on the storage oscilloscope.
This procedure of dropping the hammer and recording the arrivals is done
several times with the equipment in the initial position to determine an
average arrival time and also to demonstrate the reproducibility of the test.
A cross-sectional view of this arrangement is shown in Fig. 15.

When using the standard penetration test as the source, the split spoon
is first seated about 30 cm (about 12 in.) into the soil at the bottom of
the borehole. Measurements are then made by dropping the 63.5-kg (140
lb) weight only a few centimeters. In fact, at this point, the SPT hammer
can be removed and a hand-held hammer with an electrical trigger can be
used to generate the impulse.

After travel time measurements are made between the source and these
boreholes, the velocity transducers are removed and wedged at the source
depth in other boreholes. The seismic test is then repeated. In this manner,
travel time measurements are made between the source and all combina-
tions of horizontal travel paths between the three cased boreholes. The
source borehole is then advanced to the next depth at which travel time
measurements are to be made, and the travel-time-measurement procedure
is repeated. In this manner, measurements are made at selected depths to
the final depth.

If the site is composed of many layers with significant inclination, the
complete test sequence may have to be repeated with a new source bore-
hole. (A reversed profile is run [72].) This second-source borehole would be
located about 2.1 m (7 ft) to the left of Borehole 3 for the procedure depicted
in Fig. 1.

The verticality of each cased borehole must be determined. Verticality
measurements are combined with center-to-center spacings of the boreholes
at the ground surface to determine distances between boreholes at all cross-
hole measurement depths. With these horizontal distances, lengths of travel
paths of direct and refracted waves can then be evaluated.

Interpretation of Travel Time Records

Output recorded on the storage oscilloscope from vertical velocity trans-
ducers wedged in two cased boreholes is shown in Fig. 1c. The photograph
consists of two sets of traces (two traces in each set) across the oscilloscope
viewing screen which resulted from two S-cm (2 in.) drops of the 63.5-kg
(140 Ib) hammer. The upper set of two traces is the output from the velocity
transducer wedged in borehole No. 1 for the two hammer drops. The loca-
tion of the trace on the oscilloscope viewing screen was changed between
hammer drops. The lower set of two traces is the output from the vertical
velocity transducer wedged in Borehole 3 for the same two hammer drops.
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The location of this trace was also changed between hammer drops. As can
be seen in the photograph, the traces in each set are almost identical.

For the purpose of identifying P-wave and S-wave arrivals in these records,
consider the next to the bottom trace in Fig. 1c. This trace is composed of
three basic parts. The first part, which is on the left side of the trace, is the
initial smooth portion of the trace. This results from the fact that the ham-
mer drop has started the trace moving across the face of the oscilloscope but
no energy has yet arrived at the transducer wedged in the cased borehole.
The second part encompasses the time between the first arrival, denoted by
the P, and the second arrival, denoted by the S. This part is made up of
waves of lower amplitude and higher frequency (typically 200 to 2000 Hz,
with frequencies in the upper portion of this range normally found in mea-
surements below the water table) when compared with the remainder of the
trace. This portion of the trace is considered to represent energy transmitted
by the P-wave. The third part of the trace is made up of waves of higher
amplitude and lower frequency (typically S0 to 300 Hz) and is due, at least
initially, to the arrival of the shear wave. The shear wave arrival is identified
as the beginning of the first high-energy excursion [4] and is denoted by
the § in the photograph.

Shear wave and compression wave travel t 1es measured in this manner
are interval travel times between cased borel sles and are not travel times
between the source and a cased borehole. An interval travel time determi-
nation using the initial S-wave arrival is illu trated in Fig. 1c. Following
this procedure, interval travel times of the initial arrivals of P- and S-waves
are determined between all cased boreholes at all measurement depths.

One advantage of using interval travel time: rather than travel times be-
tween the source and receiver is that effects of triggering, casing, and bore-
hole disturbance are minimized and many times eliminated. A second ad-
vantage is that for borehole spacings recommended herein the verticality
of the source borehole does not have to be determined in those cases where
the source borehole can be assumed to be out-of-plumb by less than 0.6 m
(2 ft) at any depth. Finally, with this procedure it is possible to detect
measurement of refracted waves under most conditions. The one condition
when refracted wave velocity can be erroneously interpreted as direct wave
velocity is when measurements are made near a strong velocity contrast.
However, this error can be determined upon evaluation of the complete
velocity profile combined with relative measurement locations, and appro-
priate corrections can be made.

It should be noted that interval P- and S-wave velocities are sometimes
determined using reference points other than the initial arrivals. For in-
stance, the first trough, first crossover point, or first peak of each wave
after the initial arrival may be used as the reference point. It is assumed in
this procedure that the wave signature after the initial arrival is the same at
each receiver location. At times these reference points will give slightly
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longer interval travel times than those determined using initial arrivals
This is especially true as the length of the travel path increases and for ref
erence points selected well past the initial arrival. Hence, lower wave veloc-
ities may be determined with reference points other than the initial arrival.

The interval travel time of the initial S-wave arrival determined from the
record (a Polaroid picture) shown in Fig. 1c was 20.6 ms. The length of the
direct travel path in this case was 5.95 m (19.5 ft). Therefore, v equaled
289 m/s (947 ft/s). The interval travel time of the initial P-wave arrival
determined from a second record with an expanded sweep rate (to improve
the resolution) was 3.8 ms. For the same path length, the compression
wave velocity was 1567 m/s (5137 ft/s). The soil was saturated in this case,
and the P-wave velocity was really the P-wave velocity in water. Also, eval-
uation of the complete velocity profile showed good agreement among all
interval velocities at this depth and no strong velocity contrast nearby.
Hence, these velocities represent direct wave velocities at this depth.

Recording Equipment

As seen in Fig. lc, travel time measurements are in the millisecond
range and wave frequencies are in the range of hundreds of hertz. The re-
cording device must properly time and respond in these ranges. An oscillo-
scope is an excellent recording device in these time and frequency ranges.
However, it should be calibrated in the field for proper timing (and trigger-
ing), as discussed later. Time delays with triggering can also be used, as
discussed later, which effectively expand the width of the oscilloscope view-
ing screen many times.

Filtering of the signal should be minimized because filtering can signifi-
cantly distort the signal and erroneously alter arrival times.

Although only two receivers are displayed in Fig. lc, four or more re-
ceivers can be viewed at one time with an oscilloscope. In addition, photo-
graphic records used with oscilloscope recording represent good permanent
records.

Other oscilloscopes are available such as digital and enhancement types
which may at times significantly improve the records.

Source and Receivers

It can be seen from the record in Fig. 1c that the SPT represents a source
which is rich in shear wave generation and weak in compression wave gen-
eration for horizontal wave propagation. Other research [13] has noted that
much energy goes into shear energy in SPT. In addition, this source is re-
peatable and reversible /7], although it was not reversed in any of these
records.

The record in Fig. lc is also enhanced by properly orienting the receiver.
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The SPT generates a horizontally propagating SV-wave [4]. (Driving a
Shelby tube also works well.) Therefore, shear wave monitoring is most
appropriate with a vertical receiver under these conditions. In this regard,
a horizontal receiver sensing in the direction parallel to the wave path is
best for compression wave monitoring.

Crosshole Test with Torsional Source

Recently, a new mechanical source which creates a torsional impulse in
the bottom of the source borehole has been developed for use in the cross-
hole test. A torsional impulsive source has many benefits. By its nature, it
is very rich in shear wave generation while generating very little P-wave
energy. In addition, it is easily handled, is repeatable, and is reversible.
Because it is reversible, the polarity of the initial shear wave arrival can be
reversed on successive reversed impulses, which enhances positive identifi-
cation of the initial shear wave arrival [14].

With the torsional source, an impulse (twist) is applied above ground
and is transmitted down a rod to a base embedded in the soil. Three dif-
ferent bases—a tube, a vane, and a plate—have been studied. These bases
along with proper receiver orientation for the crosshole test are shown in
Figs. 2a, 2b, and 2¢ for tube, vane, and plate sources, respectively. A tor-
sional source produces horizontally polarized shear waves (SH-waves), and,

/. Wave Receiver
Source -—> — (Poth >—> — Orientation

a.-TUBE SOURCE

/. Wove . " Receiver
Source — (pom ) Orientotion

b.- VANE SOURCE

Source — —»(3’&?) —— Receiver

Orientotion

¢.-PLATE SOURCE

FIG. 2—Plan view of crosshole shooting with torsional sources.
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therefore, the receiver orientation is horizontal and transverse to the direct-
wave path.

Travel time records generated by tube, vane, and plate torsional sources
are shown in Figs. 3a, 3b, and 3c, respectively. For each source, receiver
signals from both clockwise and counterclockwise torsional impulses are
shown on the same record. The initial compression and shear wave arrivals
are denoted in Fig. 3 by P and S, respectively.

The travel time records in Fig. 3 show that the polarity of the initial
shear wave arrival is reversed on successive clockwise and counterclockwise
torsional impulses for all torsional sources. For the tube source, some com-
pression wave energy is produced, but the polarity of the initial compres-
sion wave arrival is not reversed on successive clockwise and counterclock-
wise torsional impulses. Due to the small amplitude of the compression
wave for both the vane and plate sources, it is not readily apparent when
the compression wave arrives or if it reverses on successive clockwise and
counterclockwise torsional impulses for the receivers displayed.

Direct-wave path lengths for the travel time records shown in Fig. 3 were
slightly different for each source. The length was greatest for the tube source
and least for the plate source. For this reason, identification of the initial
arrival of both the compression and shear wave is different for each source.
Calculated shear and compression wave velocities based on these results
were each within 5 percent and averaged 165 and 253 m/s (540 and 830
ft/s), respectively.

Oscilloscope sensitivities for the travel time records shown in Fig. 3 were
S mV/Div. for the tube source and 2 mV/Div. for the vane and plate
sources. Comparison of the three different travel time records in Fig. 3
shows that the amplitude of the initial shear wave is greatest for the tube
source. Not only was the travel path longer for the tube source, but the
oscilloscope sensitivity was less than that used for the vane and plate sources.
For these reasons, the tube source is considered superior. However, small
signals generated by all these torsional sources with the available torsional
impulse would necessitate the use of a signal enhancement oscilloscope or
some other type of signal-stacking unit to make travel time measurements
over travel paths greater than about 3 m (10 ft) or in a noisy environment,

Wave Velocities

Values of v measured in soil typically range from 120 to 430 m/s (about
400 to 1400 ft/s). These values may be measured either above or below
the water table. Values of the compression wave velocity, v, in soil depend
upon the degree of saturation. For dry soil, values typically range from 210
to 760 m/s (about 700 to 2500 ft/s). A similar range for v, is found for
soils with a degree of saturation of 98 percent or less. For saturated soils,
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values of v, are typically 1525 m/s (5000 ft/s). For submerged fills, these
soils seem never to be completely saturated [3] and v, may be 915 m/s
(3000 ft/s) or less [15,16].

Downhole Seismic Survey Method

The downhole seismic survey method is also well suited for determining
the variation of in situ shear wave velocity with depth. With this method
the time for body waves to travel between the surface and points within the
soil mass is measured. Body waves must be either compression or shear
waves. Wave velocities are calculated from the corresponding travel time
once the distance of travel has been determined.

One important advantage of the downhole test in comparison with the
crosshole test is that only one borehole is required. On the other hand, one
advantage of the crosshole test is that the wave travel path is almost con-
stant with depth, whereas the wave travel path increases with depth in the
downhole test. Both tests have, however, the advantage that lower-velocity
material overlain by higher-velocity material may be detected.

The key components in the downhole test are the same as in the crosshole
test, that is, the source, receivers, recorder, and trigger.

One downhole measurement system which is regularly used in the field
is described herein. Many of the variables and much of the reasoning al-
ready discussed in the crosshole test also apply to the downhole test, and
this discussion will not be repeated.

Field Procedure

The procedure used in the field is to drill and case one borehole (or more)
to the desired depth several days prior to the start of testing. As in the
crosshole test, either aluminum or plastic casing with an inner diameter of
about 7.6 cm (3 in.) is used, and the casing is grouted in place.

At the same time, a concrete block is cast in place. The block is about a
0.6-m (2 ft) cube and is embedded about 0.6 m (2 ft) into the ground. The
block should be located about 6 m (20 ft) from the casing as shown in Fig.
4a. (If the source is too close to the borehole, easily identifiable shear wave
arrivals will not be seen.) This concrete block is used as the source in the
downbhole tests. ‘

Two short sections of angle iron are placed in the block at the time of
casting. Each section extends about 0.3 m (1 ft) out of the concrete block
at a 45 deg angle with the vertical. The sections of angle iron are oriented
perpendicular to the line between the source and borehole as shown in
Fig. 4a.
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Downhole Shooting in the Field

The test is performed by first wedging a three-dimensional (3-D) velocity
transducer package at some depth in the cased borehole. (The 3-D trans-
ducer assembly consists of one vertical and two horizontal velocity trans-
ducers in one case. The vertical transducer is used in the crosshole test.)
The seismic test is performed by striking one of the protruding angle irons
with a 4.5-kg (10 Ib) sledgehammer. (Other research [17-21] has shown
that a horizontal impulse applied at the surface is rich in shear wave gen-
eration as is a torsional impulse applied at the surface [22].) The angle iron
and hammer are wired to an electrical circuit which triggers the oscilloscope
when the two pieces touch. The hammer blow also causes a slight move-
ment of the concrete block perpendicular to the line between the bore-
hole and source. This movement generates body waves in the soil and their
arrivals at the horizontal velocity transducers in the cased borehole are
recorded on a storage oscilloscope. The test is then repeated except that
the block is struck in the opposite direction. Figure 4b shows a schematic
diagram of this arrangement.

This procedure is repeated at about 1.5 to 3 m (5 to 10 ft) intervals to
the final depth.

Travel Time Record

Results recorded on the storage oscilloscope from the two horizontal ve-
locity transducers wedged in the cased borehole are shown in Fig. 4c. This
photograph was taken for the transducers wedged at a depth of about 12.2
m (40 ft). The photograph is made up of two sets of traces with two
traces in each set. The upper set of two traces is from one horizontal ve-
locity transducer while the lower set of two traces is from the second hori-
zontal velocity transducer. (The transducers were sensing motion in
perpendicular directions.) The upper trace in each set represents wave
energy generated by striking the concrete block in one direction while the
lower trace in each set represents wave energy generated by striking the
concrete block in the opposite direction. The vertical location of each trace
on the oscilloscope viewing screen was changed between hammer blows.

For the purpose of identifying P- and S-wave arrivals in this record, con-
sider the bottom set of two traces in Fig. 4c. Each trace is composed of
three basic parts just as in the records from the crosshole test. The dif-
ference between the crosshole and downhole records is evident when the
two bottom traces in Fig. 2¢ are compared. Notice that the compression
wave energy remains coincident in each of the two traces for hammer blows
in opposite directions. Shear wave energy is, however, polarized under
these conditions, which results in the initial shear wave arrival reversing in
the two traces for hammer blows in opposite directions. The initial shear
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wave arrival is identified as the beginning of this reversal in energy and is
denoted by the S in the figure.

In this manner, S-wave and P-wave travel times are determined at vari-
ous depths in the borehole. Correct triggering is very important in this pro-
cedure because results at each depth are recorded separately. It is possible,
however, to use two or more sets of 3-D transducers at known vertical
spacings and record these results at once. In this case, true interval velocities
are measured and triggering is less important. However, triggering for op-
posite hammer blows in one data set still should be identical.

In these tests, orientation of the horizontal transducers with respect to
the source was not controlled because the transducers were raised and
lowered by means of a flexible cable system. This system was used because
of its easy operation. If a rigid system was used to place the transducers,
then one of the horizontal transducers could have been oriented parallel to
the hammer blow, and the S-wave arrival in Fig. 4c would have been even
more pronounced.

Triggering Systems

Triggering of recording equipment in crosshole and downhole seismic
tests seems to be one of the most overlooked parts of these tests in engi-
neering investigations. Triggering is, however, critical to proper time mea-
surements (unless measuring interval velocities with simultaneous monitor-
ing of several detection points). The characteristics of the triggering system
in use and how it interacts with the recording device must be thoroughly
understood by the user. It should never be assumed that triggering of the
recording equipment occurs at the exact instant the impulse is applied.

Typical triggers in use with mechanical sources today are velocity trans-
ducers and electrical circuits. The function of these triggers is to produce a
voltage change when activated as a result of applying an impulse at the
source. This voltage change then starts the timing device some finite amount
of time after the impulse. It is not so important that a delay occurs, but
it is very important that the length of this time delay be known.

As already shown, a storage oscilloscope is a convenient timing device. A
typical storage oscilloscope is pictured in Fig. S5a, with the main components,
viewing screen, storage controls, signal amplifiers, and time base unit indi-
cated. Since the quantity being measured is time, the most important com-
ponent is the time base unit. The time base unit of the oscilloscope is pic-
tured in Fig. 5b. For triggering purposes the important controls on the
time base unit are the level, coupling, and slope selectors, numbered 3, 6,
and 7, respectively, in Fig. Sb. In this discussion these three selectors are
collectively termed ‘‘oscilloscope trigger settings™ or just ‘‘trigger settings.”
The level and slope selectors determine the voltage level (approximate
range +5 to —5 V) and slope (positive or negative), respectively, of the
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triggering signal on which a sweep of the trace across the viewing screen
will be initiated. The coupling selector determines whether the trigger signal
will be either a-c or d-c coupled. In the a-c coupling mode, any d-c com-
ponent of the triggering signal is blocked and the mean signal (in the ex-
ternal trigger mode) is taken as the zero level.

Errors in timing occur when, as a result of selected values of level, coupling,
and slope, triggering of the oscilloscope occurs some unknown time after
the impulse is applied to the source. For discussion herein, correct trig-
gering is defined as less than a 10-us delay between the time of the impulse
and the start of oscilloscope sweep. For in situ measurement of vg with
travel paths between 3 and 9 m (10 to 30 ft) and wave velocities less than
430 m/s (1400 ft/s), this definition is valid since the delay time would be
less than 0.2 percent of the total measured travel time (neglecting travel
time in the rod). However, for in situ investigations in rock over travel
paths of similar lengths, the delay time associated with correct triggering
would have to be much smaller to have a comparable percentage error.

Velocity Transducer Trigger

When a velocity transducer is used as a trigger in the crosshole test, it
is typically mounted on the impulse rod somewhere near the application
of the impulse as shown in Fig. 1. The applied impulse generates a wave
in the impulse rod which excites the velocity transducer. As a resuit, the
transducer produces a signal which triggers the oscilloscope. The time
when this signal actually activates the oscilloscope sweep depends on the
form of the signal and on the oscilloscope trigger settings.

Delays in triggering with velocity transducer signals using different level
and slope settings for a downward impulse are shown in Fig. 6. The
velocity transducer in these tests was mounted about 2.5 cm (1 in.) hori-
zontally from the point of application of the impulse. The top trace in
Figs. 6a and 6b is the velocity transducer signal for correct triggering using
an electrical circuit trigger. The bottom set of traces in each figure (three
traces in each set) is composed of velocity transducer signals from similar
impulses except that the transducer signals in these cases were also used to
trigger the oscilloscope sweep. The oscilloscope sweep was triggered at dif-
ferent points on the transducer signal waveform because different level
settings were used with the time base unit.

Numbers in Figs. 6a and 6b on the correctly triggered signals show the
points at which the oscilloscope sweep was triggered when the transducer
signals were used. For a positive slope setting, triggering was delayed
approximately 0.8, 0.7, and 0.6 ms for level settings of about +5, +0, and
~5 V, respectively, as shown in Fig. 6a. For a negative slope setting, trig-
gering was delayed approximately 0.9, 0.2, and 0.4 ms for level settings of
about +5, ~0, and -5 V, respectively, as shown in Fig. 6b. Delays in
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FIG. 6—Delayed triggering resulting from different time base settings using velocity trans-
ducer trigger.

triggering were essentially the same for either a-c or d-c coupling. These
results as well as others with a velocity transducer trigger for different trig-
ger settings are given in Table 1.

With a velocity transducer trigger, the amplitude and frequency of the
signal also affect the delay time. The amplitude and frequency of a
velocity transducer signal depend, however, on many variables such as (1)
impulse characteristics; (2) striking materials; (3) length, diameter, and
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material of the impulse rod; (4) material on which the impulse rod is rest-
ing; (5) distance between impulse application and transducer; (6) rod-
transducer coupling; (7) type and size of transducer package, and (8)
response characteristics of the transducer. Thus, delays in triggering with a
velocity transducer trigger depend on the test configuration. It is expected
that these errors could easily double or halve from those given in Table 1
depending on the test configuration. Since the test configuration changes
with depth, a variation in delayed triggering might also occur at a single
site. It is very important that this triggering system be calibrated in the
field.

If triggering was assumed instantaneous, then too short a travel time
and too high a velocity are determined when using velocity transducer
triggers for source-to-receiver measurements. This error may, however, be
small, and it decreases as the actual travel time increases.

One other field problem which can occur with velocity transducer trig-
gers is pretriggering, that is, triggering before the impulse occurs. This can
occur in noisy environments, with low level settings, or with a combination
of both conditions. When pretriggering occurs, too long a travel time is
measured and hence too low a velocity is determined.

RC Trigger

An electrical trigger is thought to be one of the best types of triggers,
and a resistance-capacitance (RC) circuit is one of the simplest of these.
An RC circuit diagram with the appropriate connections to activate an
oscilloscope is shown in Fig. 7a. Signals produced by this circuit are shown
in Fig. 7b. The RC-circuit signal was used to activate the oscilloscope trace
which simultaneously displayed the trigger signal. Four different traces are
shown which represent the same trigger signal, but as shown in the Fig.
7b, the oscilloscope was activated at different times because different trig-
ger settings were used.

The bottom trace in Fig. 7b represents correct triggering. The upper
three traces were triggered on a positive slope. Numbers on the bottom
trace show the points at which the upper three traces were triggered. De-
layed triggering of approximately 16, 8, and 3 ms occurred for traces
numbered 1, 2, and 3, respectively. These delays differed because different
trigger level settings were used. These level settings were about 7, S, and
2 V for the traces numbered 1, 2, and 3, respectively. The trigger signals
for all four traces shown in Fig. 7b were d-c coupled.

For this RC circuit, delayed triggering errors from about 1 to 17 ms
can occur for d-c coupling and positive slope setting. If the trigger signal is
a-c coupled, delayed triggering errors as large as 70 ms can occur with a
negative slope setting. For any similar RC circuit, actual delayed triggering
errors will depend on the capacitive time constant, which is the product
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of the resistance and capacitance in the circuit. The larger the capacitive
time constant, the larger would be the delayed triggering errors for both
a-c and d-c coupling.

For a negative slope setting with positive level settings and d-c coupling,
correct triggering occurs. In this case the trigger behaves as most users
assume. These results as well as others are given in Table 1.

Also, the process of applying an impulse to a rod can cause the capacitor
in the RC circuit to discharge more than once for any one impulse, result-
ing in a ‘“noisy”’ trigger signal. This can cause inconsistent and unpre-
dictable errors for the same trigger setting when a positive slope setting is
used.
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Step Trigger

The previous discussion has shown that the effectiveness of any trigger-
ing system is dependent on how the oscilloscope is set to be activated, and
also on the form of the trigger signal. Thus, the signal from an ideal trig-
ger should activate the oscilloscope only if the trigger settings are correct.
The d-c signal for one form of an ideal trigger is shown in Fig. 8¢ and the
circuit diagram for this ‘‘step” trigger is shown in Fig. 85. The rise time
for this signal is about 0.1 us, and, once activated, the signal cannot be
retriggered and will remain constant for a period of time determined by the
external resistor, R, and capacitor, C. Since an oscilloscope can be acti-
vated only by a changing trigger signal, for d-c coupling with this step
trigger, correct triggering will occur when the signal is increasing, incorrect
triggering will occur when the signal is decreasing, or no triggering will
occur. If the time period over which the trigger signal remains at a constant
voltage is long compared with the travel time for the generated wave train
(say about 1 s), incorrect triggering is obvious because the generated body
waves will have past the detection point before the oscilloscope is trig-
gered and hence will not be recorded.

Table 1 shows the response of this trigger, which is highly recommended
for field use.

Planned Trigger Delays

Delays in triggering can have a beneficial effect if the value of the time
delay is known with sufficient accuracy. A travel-time record for crosshole
shooting illustrating this beneficial effect is shown in Fig. 9. The top and
middle traces are correctly triggered signals with sweep rates of 5 and 2
ms/Div., respectively. The bottom trace also has a sweep rate of 2 ms/
Div., but triggering of the oscilloscope sweep was delayed 10 ms after the
impulse was applied. Thus, the middle and bottom traces are the same
signal, except the oscilloscope sweep for the bottom trace was delayed
10 ms.

Travel times for initial arrival of both compression and shear waves can
be determined only to the nearest 0.5 ms from the top trace. If the sweep
rate is changed to increase the sensitivity with which travel time measure-
ments can be made, the middle trace results. Travel times from this trace
can be determined to the nearest 0.2 ms, but only the initial compression
wave arrival is visible. If the oscilloscope sweep for the middle trace is
delayed 10 ms, the bottom trace results. On the bottom trace, both the
compression and shear wave arrivals can be determined to the nearest
0.2 ms.

Thus, proper use of delayed triggering can increase the precision and



HOAR AND STOKOE ON SHEAR WAVES 25

Volits
]
~6V
Rise
Time
S0.us
(o] —»- Time
0o t s LHRNC)

a.- TRIGGER SIGNAL

To Hammer
1000 I

B + = Type 555
IOpF 7= 9v —_ Lineor \ﬂ

Integrated Circuit

R
q 8
2 7]
6
Cc
3 5‘__{
1

OO0IuF

b.- CIRCUIT DIAGRAM

o——» To Impulse Rod f——» To Oscilloscope

FIG. 8—Electrical step trigger.



26 DYNAMIC GEOTECHNICAL TESTING

~=] div Receiver
Output

Time

2
with {
10 ms
Delay

Sweep Rate ,ms/div

Sensitivity = 50 mV/div.

FIG. 9—Travel-time records for crosshole shooting with delayed triggering.

resolution with which travel times can be measured. This, in effect, allows
the oscilloscope viewing screen to appear much wider than it actually is.
This is especially important when the distance from source to receivers is
large compared with the distance between receivers as in the downhole test.
In addition, when interval travel times are to be measured, triggering of
each trace can be delayed independently to further increase timing ac-
curacy.

Field Calibration

In the crosshole and downhole seismic tests, field calibration of the
equipment should be performed, at a minimum, at the start and end of
each investigation (or each day). Timing and triggering of the recording
equipment should be checked. Figure 10 illustrates a typical check. In the
upper portion of the record is a square wave calibration signal with which
the sweep rate is checked. In the lower portion of the record are three
traces with which triggering is checked.

To check triggering, a compression wave is propagated over a known
length of impulse rod, and the output of the receiver at the bottom of the
rod is displayed. The rod travel time is then determined and compared
with the predicted time. Three traces in Fig. 10 show how the measured
travel time will depend to some extent on the transducer and transducer
package used to make the measurement.
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Conclusions

Crosshole and downhole seismic survey methods can be successfully
used to make accurate in situ shear wave velocity measurements for en-
gineering purposes. Field procedures for each method which work well are
outlined herein.

In the crosshole seismic test, the standard penetration test generates
easily identifiable SV-waves. A new mechanical torsional source for use in
the crosshole seismic test which generates SH-waves is also presented. With
the torsional source, the initial arrival of the shear wave can be reversed
for easy identification. In the downhole seismic test, a reversible embedded
source is used which is rich in shear wave generation.

Correct triggering of recording equipment is critical in these measure-
ments. The characteristics of three triggers, a velocity transducer, an RC
circuit, and an electrical step trigger, are discussed. The electrical step
trigger is the most reliable in terms of correct triggering and is highly
recommended for use in the field.

Delayed triggering of a known time interval can improve resolution in
measuring P- and S-wave travel times, especially in the downhole seismic
test.

Field check procedures for correct timing and triggering of recording
equipment should be performed. Field measurement of borehole verticality
is necessary in the crosshole seismic test.
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Recommendations

It is recommended that ASTM procedures for performing crosshole
and downhole seismic survey tests incorporate provisions for (1) proper
frequency response of recording equipment and receivers, (2) field calibra-
tion of timing and voltage of recording equipment, (3) field calibration of
triggering, (4) field measurement of borehole verticality, and (5) use of
three or more boreholes in the crosshole test. It is also strongly suggested
that any ASTM procedures consider recommending that (1) a reversible
seismic mechanical source be used in the tests, (2) delayed triggering be
used if long travel times are measured with an analog oscilloscope, and (3)
direct-wave velocities based on source-to-receiver travel times be com-
pared with wave velocities based on interval travel times of initial arrivals
whenever possible.
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ABSTRACT: Five crosshole-type seismic surveys, each employing the two commonly
used seismic wave generation sources (explosive and mechanical), are studied to evaluate
the reliability of each source technique to produce comparable seismic velocities. The
study documents field procedures and equipment and discusses seismic wave identi-
fication and velocity analysis techniques. Comparison of the resulting velocities
(compressional and shear) produced by the two different sources indicates that quite
similar results can be obtained when proper field and interpretation procedures are
used. General field considerations to be included in a crosshole survey using either
source mechanism are discussed as a guide to producing high-quality seismic velocity
results. These include the number of borings and their spacing and arrangement, test
depth intervals, verticality measurements, hole coupling, orientation of sensors, and
measurement of the instant of energy generation.

KEY WORDS: clays, crosshole tests, dynamics, explosives, geophysics, limestone,
mechanical, sands, seismic velocities, seismic waves, soils

Crosshole seismic testing is now generally recognized as one of the few
reliable methods for obtaining information about seismic velocities, and
hence dynamic moduli, of in situ soils. Moduli determined on the basis of
crosshole tests are used directly during design of machine foundations [/]?
and in conjunction with laboratory values of moduli during earthquake and
blast response analyses of major structures [2-5]. Moduli determined from
crosshole test programs have also been used as a basis for predicting settle-
ment of soils [6].

Procedures for conducting crosshole tests have been discussed by a num-
ber of individuals [7-14]. In general the method involves generating seismic
waves at a particular depth in one boring (energy hole) and recording the

1Senior geophysicist, project engineer, and manager of engineering, respectively, Fugro,

Inc., Long Beach, Calif. 90807.
2The italic numbers in brackets refer to the list of references appended to this paper.
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arrivals of seismic waves at the same depth in one or more other borings
(receiving hole). A variety of different mechanisms can be used to generate
the seismic wave. In general, they can be grouped into two categories: (1)
explosive sources, which include blasting agents, air guns, gas guns, spark-
ers, and similar devices; and (2) mechanical sources, which include a
hammer striking a pipe that extends from the surface to the bottom of a
boring [9], downhole devices involving mechanical hammers [14] or vi-
brators {13], and falling weights that drop onto the bottom of borings [15, 16].

Within the engineering profession, there are some controversies regard-
ing the reliability of each type of source to produce meaningful results. It is
generally agreed that explosive sources produce well-defined compression
wave (P-wave) arrivals, but the arrival of the slower traveling shear waves
(S-waves) are less obvious. Hence, there is some question as to the ability
of the explosive method to produce accurate S-wave velocities. Although
mechanical sources produce clearly definable S-wave arrivals with more
consistency than the explosive source, P-wave arrivals are not as distinct
and can be subject to question. There is also some concern that the fre-
quency content from the two sources may be significantly different, thereby
influencing velocity determinations because of emergent arrivals of low-
frequency energy or dispersion within the materials.

Over the past several years the authors have been involved in a number
of crosshole tests in which both explosive (blasting agent) and mechanical
(hammer-drill rod) procedures were used to initiate seismic waves. In order
to clarify the reliability of the two methods, five of these surveys from four
sites were selected to compare values of P- and S-wave velocities determined
by each source method. The study considers factors of interest to practicing
geotechnical engineers and geophysicists. These factors include the ability
to identify wave arrivals, the analysis of travel-time data, and conditions
and techniques which affect the quality of wave arrivals. The study pro-
vides support to the suitability of both techniques for obtaining comparable
velocity data.

Site Characteristics

Four sites were involved in this comparative study. At three sites, data
from a single crosshole survey were evaluated. At the fourth, data from two
surveys were evaluated. Each site was the proposed location of a nuclear
power station. It was necessary, therefore, to assure that P- and S-wave
velocities were accurate. This consideration justified the expense of per-
forming surveys with each type of source mechanism and the use of multiple
receiving holes to increase the statistical reliability of the velocities. It also
required that the verticality of each boring be determined.

Soil profiles for the four sites differed considerably. One of the sites
was composed primarily of dense sands and gravels; two were layered sands
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and clays, and the fourth consisted of cemeted sands overlying clayey sands
and weathered marine limestone.

Field Procedures and Data Interpretation

General procedures utilized when performing the crosshole studies and
evaluating P-wave and S-wave records are described in the following.

Array Configuration

Linear arrays, or versions of linear arrays, were used for all but the
mechanical source survey at Site E, as shown in Fig. 1. Spacing of receiver
holes for each unit varied from less than 6 m (20 ft) to more than 15 m (49
ft); thus refracted waves could be detected while average seismic velocities
for the sites were being established. Borings within the crosshole surveys
extended from 60 to 150 m (200 to 490 ft) below the ground surface, although
the comparative study was performed only for the upper 30 to 60 m (100 to
200 ft). Borings for the receiving geophones and explosive source were
drilled and cased prior to conducting the crosshole tests. Casings were
grouted with a cement mixture in Surveys A, B, C, and D, but were sand
packed in Survey E. Either thick-walled plastic (PVC) pipe or steel pipe
was used for casing. The steel casing was used for source holes during ex-
plosive tests because it could withstand numerous shots per depth interval
without being destroyed. Plastic casing was typically used for receiving holes
because of its lower cost. Each boring was surveyed for verticality using
magnetic or gyro-type well survey systems. Table 1 summarizes observed
drifts and directions in each boring as well as type of casing.

FExplosive Crosshole Tests

Explosive crosshole tests were conducted using seismic blasting caps and
small explosive charges such as Water Work Boosters and Detaprimers,
both trade names of E. I. Dupont Co. Caps were lowered to the depth of
interest and detonated with a battery-actuated, condenser-discharge blaster
system. Seismic caps are only about 25 by S mm (1 by 0.2 in.) in size and
weigh less than about 100 g (3.5 oz); hence, a weighted steel holder was
used to provide sufficient weight to be sure the cap reached the desired
depth in the boring.

The size of charge used during a test depended on the test depth and the
water table location. At most sites, a single seismic cap was sufficient to
produce P- and S-wave energy over distances of 30 m (100 ft) or more at
depths below the water table. Above the water table and especially in the
upper 10 m (33 ft) or so, P-wave energy attenuated more rapidly; there-
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FIG. 1—Plan views of crosshole arrays.

fore, P-wave recordings often required much larger charges. Such larger-
sized charges frequently generated high levels of air waves and reverbera-
tions that interfered with S-wave measurements. Thus, it was often necessary
to shoot separate, different-sized shots to obtain both P- and S-wave record-
ings above the water table.



34 DYNAMIC GEOTECHNICAL TESTING

MS £91 08y M9e 081 S as ‘9 9
MS 8°0¢ 00S MS 8V 081 OAd b | S
MN 9T pLY MN 9T PLY DAd WS 14
MN L°LT 00S MVT 081 S d €
48 6'S 00S AN 8°'C 081 JAd b2 4
M POT 00§ M 80 081 S s ‘q 1 q
q¢€8 (34 Sv'1 00¢ S O | 9
MN §°¢ 0st MN 9°¢ 00¢ OAd b1 S
MST 00¢ MST 007 S AAS 14
MO o8y MSE 00¢ JAd b { €
MS OV £87 MN ¥0 00C 20Ad . | 4
MN 98¢ 00S MS 8¢ 00¢ pS >HS ¥ T v
UOHIIP ‘Y I uoraxp ‘Y sl Suise) ad4y, Bpquny AoaIng
‘yug ‘mdaqg ‘yuag ydag 3|0 Sunog
3|0} jo wolog Apnig aaneredwo) jo wonog

uoneisq

‘vwp Suisvd puv dnpponsoa—1 F1GVL



MCLAMORE ET AL ON CROSSHOLE TESTING 35

*[eIIUBYIRUI-IN0S = WS ,
-apuopyd [Auiakjod = DAd,

‘[99)s = Wﬁ

-aaIsofdxa-adanos = gs,

-8ula0ar = Y4

‘WSoE0 =Yli»

NTF 114 NTY 141 S NS 9
MN Ot 01T MN 87 [41 S g3s ‘4 S
MN £T1 617 MN 8°01 00T JAd qd 14
MN 'L 01T MN9L 00T S 45 9 €
MS 0'¢ 67t So¢ 00T JAd . | [4

- 01T N$'T 121 S 45 ¥ I q
q4ss L't 08¢ as It 001 S 4s ¥ 9
a8 8°Cl 00¢ 45 0T 001 JAd q S
as €1 06 q4s €1 06 S NS 14
MS €81 6T MS LT 001 JAd k- €
AN 9€ 00¢ N ¥0 001 JAd k- [4

40T 00¢ 490 001 S g8 ‘4 I a
MS 9°L ove M6l 091 S e 9
MSTL 0st MS §°S 091 oad k- S
MS T°0T (1%% MNTT 091 JAd k- 14
MS LT 0s1 MS LT 0st S NS €
MNTE LSE MNT0 091 JAd k- [4

491 0st SL0 091 S g8 ‘9 I 2



36 DYNAMIC GEOTECHNICAL TESTING

Mechanical Crosshole Tests

Mechanical crosshole tests utilized the hammer-drill rod (Stokoe-Woods)
procedure. In this method a boring was advanced to the depth of interest
by rotary-wash drilling methods and the drill bit or sampler was left at the
bottom of the hole. Horizontally propagating, vertically polarized S-waves
were then induced by striking the drill bit vertically with a 4-kg (8.8 1b)
hammer. The instant of hammer contact with the drill rod was used to
initiate the timing process. The contact completed an electrical circuit which
included a galvanometer in the recorder and a battery. For most of the
surveys, a geophone (velocity-sensitive transducer) was emplaced at the
bottom of the drill rod to record the instant that energy arrived. This
instant was used as the starting point for measuring wave travel times.

Recording Equipment

Three-component packages containing Mark Products geophones were
used to detect wave arrivals at receiving holes. One of the geophones in the
package was oriented vertically and the other two horizontally in mutually
perpendicular directions. These geophones have a natural frequency of
4.5 Hz, and their response is relatively flat from approximately eight to
several hundred Hertz. Each three-component geophone package was
pushed firmly against the casing wall at the test depth by a flat spring.

An SIE recording oscillograph was usually used to record the signals from
the geophones. However, for the mechanical tests in Survey E, a Tektronix
storage oscilloscope and Polaroid camera were used. When both P- and §-
wave arrivals were desired, data from each depth were obtained at two or
more instrument gain settings to enhance the distinction of P- and S-wave
arrivals. Higher gain settings were generally required for P-wave detection.

Wave Identification

Traces from each test were evaluated to determine P- and S-wave arrivals.
The P-wave arrival typically was marked by the first sharp offset of the
recorded traces, as shown in Figs. 2 and 3. These records were obtained
below the water table using an explosive source. This type of record was
not always the case. Figures 4 and 5 show records obtained above the water
table from explosive sources and Figs. 6 through 9 show records for the
mechanical source. Compared with Figs. 2 and 3, the onset of P-waves in
Figs. 4-9 was less evident due to either noise on the traces, lower signal
amplitude, or lower frequency.

The S-wave arrival for the explosive source was identified by the increase
in signal amplitude and an apparent decrease in frequency content as shown
in Figs. 2-5. Because of P-wave interference, the exact onset of the S-wave
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FIG. 2—Seismogram from explosive source (2 caps). Survey A, below water table (1 ft =
0.305 m).

FIG. 3—Seismogram from explosive source (I cap). Survey C, below water table (1 ft =
0.305 m).
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was subject to some ambiguity on many of these traces. The S-wave arrival
for the mechanical source (Figs. 6-9) was identified by noticeable change
in amplitude after the P-wave arrival. Ambiguity still existed at times re-
garding the actual onset of the S-wave due to the low-frequency content of
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the waves and some P-wave interference effects. In these cases, errors in
arrival times of about a millisecond or so could have been made depending
on the actual point selected.

Velocity Analysis

Most of the velocity analyses were based on the ‘“‘interval velocity” con-
cept. In this method it is assumed that the seismic waves traveled along a
straight line, and, by monitoring wave progress at different points along
the line, each observation point could be considered a new origin and the
time to reach the point could be ignored. The velocity could then be based
on the time taken for a wave to travel across the line to a succeeding ob-
servation point rather than from the time between a source and a receiver.

The data from each test level were plotted on time-versus-distance graphs
such as that shown in Fig. 10. When a single line could readily be drawn
through all points, as was the case in Fig. 10, a best-fit line was calculated
through the data points by least-squares regression. The velocity for the
waves was determined by the inverse slope of the best-fit line. Since this
process did not require the origin time, this was in a sense a form of “inter-
val velocity” analysis. For each test depth, data from mechanical and ex-
plosive borings were plotted from the same origin so that systematic dif-
ferences between the sources could be identified. If a best-fit line passed
through the origin, as in Fig. 10, it was concluded that: (1) no significant
error had been made in determining the instant of energy generation; (2)
the initial onset of wave arrivals had been correctly identified; and (3) data
were not significantly affected by refraction.

In cases where the onset of the waves could not be clearly established, a
prominent portion of the wave form, such as the first peak or trough, was
timed. Although time-distance graphs using these times were similar to
Fig. 10, the best-fit line crossed the ordinate above the origin. In this
case the distance above the origin gave a measure of the time between
actual onsets of the waves and prominent portions that were timed.

Cases of refraction were identified when a single straight line could not
readily be passed through all data points as shown in Fig. 11. In this illustra-
tion, it was interpreted that data beyond a distance of 15 m (49 ft) had
resulted from waves that had refracted along a higher-velocity layer. The
only direct, or unrefracted, data available were from the nearest geophones
to each source boring, and no “interval times’ were available for the direct
waves,

Comparison of Velocity Data

Comparisons of P- and S-wave velocities obtained from the two energy
sources are presented in Figs. 12 through 16. Velocities from the mechanical
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FIG. 10—Graph of time-distance data where no refraction occurred.

source are plotted as triangles in these figures; circles denote velocities
from explosive sources. For most of the plotted velocity values, vertical bars
are drawn to show the width of the 95 percent confidence interval. These
bounds are established by performing least-square fits through travel-time
data. Bars were omitted when less than four data points were available at
a given depth interval, except for the mechanical results from Survey E,
where only two values were available. The two triangles at each level in
Fig. 16 represent the two measured values,

Evaluation of Velocity Comparisons

The comparative study presented in Figs. 12-16 involved five separate
surveys in which over 1700 P- and S-wave measurements were made in the
upper 60 m (200 ft) of four distinctly different soil profiles. It was evident
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FIG. 11—Graph of time-distance data where refraction occurred (I ft = 0.305 m).

from the data comparisons that velocities obtained by using both source
mechanisms were more or less the same; nevertheless, certain differences
were noted from case to case, as discussed in the following.

Average Velocities and Data Scatter

Velocity comparisons indicated that average S-wave velocities obtained
from the mechanical and explosive source mechanisms agreed very well. In
general the difference between the two values was less than 5 percent, and
this is within the statistical accuracy of the tests. The poorest S-wave com-
parison occurred for Survey E, where identification of S-wave arrivals from
the explosive source was particularly ambiguous. This was due to many
secondary arrivals resulting from reflections and refractions introduced by
heterogeneities in the material. At this site, S-wave data from the mechanical
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FIG. 12—Seismic velocities obtained from Survey A (I ft = 0.305 m).

source were obtained in only two receiving borings, and therefore the sta-
tistical reliability of the data was low. Scatter of S-wave data for the sur-
veys varied from case to case, but generally the explosive method defined
larger bounds than the mechanical. For all but Survey E, the 95 percent
confidence level in data was within +6 percent of the best-fit velocities and
in most cases was within 3 percent. For Survey E the bounds approached
30 percent in some cases. The large bounds in Survey E were attributed
primarily to the difficulties associated with identifying S-waves, as noted
previously. Because casings were sand-packed in this survey, however,
coupling may not have been as good and thus more data scatter occurred.
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FIG. 13—Seismic velocities obtained from Survey B (I ft = 0.305 m).

P-wave velocities determined by the two methods generally differed
by more than the S-wave velocities. This is particularly true for Survey A
(Fig. 12), where average P-wave velocities from the mechanical source were
15 to 20 percent lower than those from the explosive source. For this case
the shapes of the two P-wave velocity profiles were very similar. It is thought
that the differences between the two resulted because the P-wave signal
from the mechanical source attenuated to such a degree that initial arrivals
were not detected. At Survey B (essentially the same site as Survey A),
the comparison between P-wave velocity values was much better. In both
surveys the mechanical P-wave velocities were based on only one or two
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FIG. 14—Seismic velocities obtained from Survey C (1 ft = 0.305 m).

traces. The difference between Surveys A and B may have been caused by
the shorter distance between the mechanical source hole and the closest
receiving hole at Site B. This could have produced a sufficiently better
signal-to-noise ratio which permitted a more accurate identification of the
wave arrival. P-wave velocity comparisons were not made at Survey C be-
cause of the lack of usable P-wave data from the mechanical source.

The close comparison of the §-wave velocities and poorer comparison of
the P-wave velocities from the mechanical and explosive source mechanisms
must be attributed in part to the intent of the surveys. Mechanical methods
were used to obtain more definitive S-wave velocities above the water table,
where the explosive records frequently have a low signal-to-noise ratio. No
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FIG. 15—Seismic velocities obtained from Survey D (I ft = 0.305 m).

special field effort was made to obtain P-waves during the mechanical
source measurements; hence, greater differences in the P-wave comparisons
would have been expected.

Signal Characteristics

The characteristics of the seismic waves from the explosive and mechanical
sources were observed to differ in two respects. First, the explosive source
produced a high signal-to-noise ratio (SNR) for the P-wave but a relatively
low SNR for the S-wave. For this discussion, SNR is defined as the ampli-
tude of the first peak (or trough) following the wave arrival relative to the
amplitude of any signal which existed slightly prior to the arrival of that
signal. The SNR for the explosive source generally exceeded 10 for the
P-wave but was about 1.0 to 2.0 for the S-wave. The mechanical sources
gave the reverse response. The SNR for the P-wave was less than 1.0 for
many measurements, whereas the SNR for the S-wave usually approached
10 or more. As a result of this behavior, P-wave identification was gen-
erally easier for the explosive source, S-wave for the mechanical source.

The second difference between signatures from the two sources involved
the frequency content of the signals. It was generally observed that the
explosive source gave somewhat higher S-wave frequencies (90 to 170 Hz)
than the mechanical source (75 to 130 Hz). The water table had no effect
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FIG. 16—Seismic velocities obtained from Survey E (I ft = 0.305m).

on this observation. Frequencies of P-waves for each source were about the
same above the water table but were higher for the explosive source be-
low the water table. It is believed that above the water table P-wave fre-
quencies from the explosive source initially may have been higher, but
these motions had attenuated prior to the first recordings at the closest
receiving hole.

Certain factors were also observed to enhance the quality of the recorded
seismic wave. For the explosive source, the quality of the S-wave improved
with distance from the source. This was due to the decreasing effects of
the earlier arriving P-waves; thus the SNR improved with distance. It was
also observed that the SNR for the S-wave was improved as the size of the



MCLAMORE ET AL ON CROSSHOLE TESTING 49

DIRECT
DISTANCE V

[ ™ 7
17 FT ..c._‘ e

H
pA
&

L 3

H
H

26 £7 {ﬂ —_ o~
v

L 4 -~

10 msec

NQOTE: V OESIGNATES VERTICAL GEOPHONES
H DESIGNATES HORIZONTAL GEOPHONES

FIG. 17—Seismogram from mechanical source showing P-wave arrival on vertical and
horizontal geophones (1 ft = 0.305 m).

explosive shot decreased and as the hydrostatic pressure (confinement) in-
creased. For both source mechanisms, it was found that P-wave detection
improved when a horizontally oriented geophone was used. The horizontal
geophone sensed a P-wave arrival which was larger in magnitude and
slightly ahead of that recorded by a vertically oriented geophone, as illustra-
ted in Fig. 17. Finally, for both source mechanisms, the P- and S-wave
quality improved with depth. One factor which did not seem to affect the
quality of seismic wave arrivals was the type of casing used in the receiving
hole. No differences were noted with sensors in plastic or steel casing.

General Considerations

The comparative study described in the previous sections showed that
both source mechanisms gave generally comparable results. It is believed
that the close comparison resulted because the field programs were planned
giving consideration to a number of factors that would limit the test vari-
ables, thereby enabling a realistic evaluation of the explosive and mechani-
cal source mechanism.

Number of Borings

The minimum number of borings that could be used to perform a cross-
hole survey is two, one for the source and one for the receiver. Surveys in-
volving just two holes are, however, generally discouraged because the
accuracy of the P- and S-wave velocities are absolutely dependent on the
accuracy of determining (1) the instant of energy generation, (2) the initial
arrival of energy at the receiver, and (3) the length of the wave travel path.
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Unfortunately, inaccuracies introduced by these factors are difficult to
detect in a two-boring array. Such an array also lacks statistical reliability
(in terms of average general soil conditions at a site) because only material
along a single travel path is sampled. As observed in this study, the relia-
bility of velocities was increased by using four to five borings in the cross-
hole survey and by using more than one boring as an energy hole. The
importance of this procedure is demonstrated by the fact that, in the com-
parative study, velocities from a given depth but for different travel paths
differed by 10 percent or more in some cases. Single velocity measurements
could, therefore, have contained considerable error.

Boring Spacing

Because the stiffness of soils normally increases with depth, first wave
arrivals can result from refraction to lower but stiffer soil layers [10,13,17].
The consequence of this refraction phenomenon is that apparent P- and S-
wave velocities may be defined, and these velocities may be higher than true
velocities at the depth of the test. In general, refraction effects increase
with greater boring spacing and may become particularly significant when
spacing exceeds 12 to 15 m (39 to 49 ft) (for velocities which increase
gradually with depth) or at even smaller spacing in the vicinity of large
velocity discontinuities. Although shorter travel paths are desired from the
refraction standpoint, negative aspects do arise. Inaccuracy in distance and
time measurements becomes more significant for short travel paths [/8].
Furthermore, as the length of the travel path decreases, the zone sampled
also decreases; thus variations in velocities due to heterogeneities in the
soil profiles also increase. The quality of measurements in this study was
enhanced by using a variety of travel path distances and then using time-
distance plots to determine whether or not refraction occurred.

Arrangement of Borings

Receiving holes can be arranged in many patterns. One of the more
desirable patterns in terms of velocity determination is a linear pattern of
borings. The linear pattern is arranged so that the energy from the source
passes through one receiver on the way to the succeeding receivers. A pri-
mary benefit of the linear array is that the interval time between receivers
can be used to obtain a measurement of velocity even if the instant of
energy generation is not recorded. Furthermore, some later correlative
portion of the wave, such as a peak or trough, can be used as a means
for establishing a velocity if the wave onset is not clear. A linear arrange-
ment of borings also provides a means of analyzing refraction effects or
verifying the accuracy of time breaks or both. The disadvantage of a single
linear array is that it cannot provide information on horizontal anisotropy.
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Few cases of horizontal anisotropy are cited in the literature, however, and
there is little reason for the process of sedimentation to produce them. If
anisotropy is expected, velocity observations along at least three orientations
should be planned to verify and define it. Linear arrays should be used for
each of the observations. For the surveys described herein, preliminary site
studies indicated that horizontal anisotropy did not occur; hence lineat
arrays were used in all but one of the surveys.

Depth Interval

The depth interval between P- and S-wave measurements should be
chosen for the same reasons used when selecting intervals for soil sampling.
Measurements should be made at sufficiently close spacing such that no
layers of significance to the engineering analysis are missed. This may re-
quire a smaller interval in zones where variations in soil type or properties
occur than in zones of thick homogeneous materials. The soil profiles at
each of the survey sites were developed before commencing the crosshole
tests, thereby enabling specific layering characteristics to be investigated.

Verticality

The accuracy of P- and S-wave velocity measurements varies directly
with the accuracy of the travel path distance [18). If the borings are not
vertical, distances measured between them at the surface will not be rep-
resentative of distances at depth. In order to obtain reliable velocity values,
the direction and amount of deviation from the vertical (drift) in each bor-
ing must be known. The distance between the borings then must be calcu-
lated at each level where data are taken. This drift from vertical may cause
the receivers in a linear array to become sufficiently far out of line that
the concept of interval velocity is no longer valid.

In general, verticality corrections become significant below 15 m (49 ft).
A study of 63 borings indicated that the average drift was 0.2 m at 15 m
(0.6 ft at 49 ft). The data in Table 1 illustrate that drift becomes much
larger at greater depths.

Coupling

To enhance signal detection, it is desirable to provide firm mechanical
contact between the soil and the casing and between the sensor and the
casing. Coupling the soil to the casing was normally achieved in these sur-
veys by grouting the annulus between the soil and the casing. In another
crosshole survey outside of this study, testing was initiated with ungrouted
casings, but terminated when the recordings were generally poor. The casing
was then grouted into the holes and the survey was repeated and success-
fully completed.
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Orientation of Sensors

Most crosshole surveys including the ones described herein utilize sensor
packages that contain three geophones oriented at right angles to each other.
One of the sensors is aligned parallel to the axis of the boring, or approxi-
mately vertical, and the other two are approximately horizontal. Ideally
the horizontal geophones are oriented such that the one geophone is trans-
verse to the source so that it can detect horizontally polarized S-waves and
the other is radially oriented so that it is positioned most favorably for
detecting P-waves and vertically polarized S-waves. Arrival detection can
be enhanced by using oriented horizontal geophones. However, when the
horizontal geophones are not oriented, the least favorable orientation possi-
ble occurs when both are at 45 deg to the desired orientation. Such orienta-
tions still permit reasonable response to the S- and P-waves, although with
reduced amplitude. In cases of weak energy, reduced amplitudes can result
in the times of arrival being picked slightly late.

Furthermore, the vertically oriented geophone can provide accurate
determination of the S-wave arrival as long as the S-wave is vertically polar-
ized. Because S-waves were of primary interest to those surveys and be-
cause predominant S-waves were vertically polarized, no attempt was made
to orient the horizontal geophones.

Filters

Electronic filters have been used at times to lower the level of background
noise or to accentuate certain frequencies in the record. Unfortunately,
electronic filters usually introduce time delays which vary with the fre-
quency of the input signal; hence, unfiltered signals are generally preferred
and were used during this study. If filtering is felt to be necessary, the
same filter settings should be used for all traces, and velocity calculations
should be based on interval times between geophones. In addition, at least
one set of unfiltered traces should be obtained for reference at each test
level.

Instant of Energy Generation

The instant of energy generation is often used as a basis for determining
all or part of the time required for the seismic wave to travel from the
source to the receiver. If receiving geophones are distributed radially
around the source, or if only a single recovery geophone is used, the instant
of energy generation must be accurately defined.

When using explosives, time is generally measured from the instant at
which a small voltage is supplied by a blaster as a capacitive circuit is
closed. However, this is the instant that current is applied to the cap,
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which is prior to the actual detonation that transfers kinetic energy to the
soil. Delays between time instant and energy transfer are generally less
than 0.5 ms, as long as “seismic-caps’ are used. For measurements made
at 7 m (23 ft) spacing in typical soil materials, time break inaccuracies of
less than 0.5 ms would cause less than a 10 percent variation in P-wave
velocity and 3 percent variation in S-wave velocity. Other types of blasting
caps produce delays of up to several milliseconds and these delays may vary
randomly from cap to cap. Velocities determined from these caps must
therefore be based on interval times between receivers. Even when using
seismic caps, delays may occur if long, high-resistance firing lines (circuit
wire from cap to surface) are used with low-voltage blasters, because the
current which reaches the cap is too low. Several procedures can be used to
record more accurate time breaks or to check the time breaks. One tech-
nique involves monitoring the current in the cap leads so that time is
recorded the instant the bridge wire separates [19]. Another technique is to
monitor a current passing through a thin wire wrapped around the cap. At
detonation, the wire is broken, thereby marking the instant of detonation.

For mechanical systems the timing process is normally initiated either by
the completion of a circuit when a metal hammer contacts the source
mechanism or by the response of an inertial system such as a velocity trans-
ducer {9]. The closure of an electrical circuit is generally preferred because
the rise time of the signal is very rapid. The velocity transducer depends on
the movement of a mass in a coil-magnet system and, therefore, trigger
times vary with factors such as sharpness of the blow to the system or
damping of the system. Travel time corrections must be made if the point
of hammer contact or inertial system is located a substantial distance from
the point of energy transfer. The difference between the instant of time and
energy transfer can be determined either by placing a sensor at the bottom
of the rod to record the time required for the rod wave to reach the bottom
of the hole or by connecting and laying out a number of lengths of rod
along the ground and measuring the average velocity of seismic waves in
the rod. Hoar and Stokoe [20] provide additional details about problems
associated with timing delays in mechanical source systems recording
equipment.

In this study, inaccuracies associated with timing delays were minimized
by using ‘‘interval times” to compute P- and S-wave velocities. For
mechanical surveys a geophone was placed at the bottom of the source
boring to indicate the time of energy transfer.

Conclusions

The results from the five sets of crosshole surveys evaluated in this
comparative study permit the following conclusions to be made:
1. Average P- and S-wave velocities generated by explosive and mechani-
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cal methods are similar when care is used in performing each type of test.
Scatter in P- and S-wave velocities about the average value is generally
greater for the explosive source, particularly when materials are hetero-
geneous in consistency.

2. P-wave arrivals are more readily identifiable with the explosive source
whereas S-wave arrivals are more identifiable from the mechanical source.
The onset of S-waves from both sources is obscure at times due to P-wave
interference, but later portions of the S-wave are generally definable for
both sources. P-wave interference is usually much more significant for the
explosive source, but some of this interference can be eliminated in explo-
sive surveys by using small explosive charges and by maintaining a hydro-
static head over the charge. Also, identification of P-wave arrivals can be
enhanced by using horizontal geophones.

3. The ability to derive velocities for both sources is improved by utiliz-
ing a linear arrangement of receiving holes and then evaluating velocities
on the basis of interval travel times and distances. This approach avoids
some of the inaccuracies associated with defining the instant of energy
generation and the onset of wave arrivals.

4. The overall quality and accuracy of crosshole surveys are improved by
using multiple borings, multiple tests per level, variable boring spacing,
linear survey arrays, verticality surveys, and, if casing is used, grouting the
casing in the boring.

The favorable comparison of velocity data from the two-source crosshole
surveys should be encouraging to practicing engineers and geophysicists.
Because the surveys were performed under strict quality-assurance and
control procedures, confidence in the results is quite high. In addition, the
velocity values from one source mechanism in each survey set appear to
confirm the reliability of values from the other mechanism. Obviously,
reliable crosshole results depend heavily on proper field and analysis tech-
niques during the survey. In the development of future ASTM standards
on crosshole surveys, it is suggested that techniques such as those discussed
herein be considered for inclusion. The suggestions of other practicing
geophysicists and engineers should also be solicited and considered in order
to develop meaningful procedures which can produce reliable velocity
determinations for use in engineering analyses.
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ABSTRACT: Determination of dynamic shear modulus in sitx has been an increasingly
important source of data for ground response analysis for earthquake design studies.
Historically, shear modulus is calculated from in situ measurement of seismic shear-
wave velocity. A downhole impact energy source has been developed which maximizes
the shear-wave energy produced and minimizes compressional-wave energy for pur-
poses of crosshole in situ seismic shear-wave velocity measurements. The geometry of
the energy source permits reversal of the polarity of shear-wave arrivals without chang-
ing the polarity of compressional-wave arrivals.

The energy source is described and in situ measurement data are presented. Based
on more than three years experience using the downhole source, a procedure for in situ
measurement of seismic shear-wave velocity is suggested.

KEY WORDS: earthquakes, measurements, velocity, shear stress, soils

Determination of dynamic shear modulus, G, in situ has become an
increasingly important factor of late in ground response analysis for earth-
quake design studies. Historically, the shear modulus is calculated from
in situ measurement of the seismic shear-wave velocity, Vs, and has been
empirically related to the mean principal effective stress, o', or confining
pressure, through the general relation for sands (after Seed and Idriss [/]4)

G = pV2 = 1000 K, (6',,)?
where
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2Project geophysicist, Woodward-Cycle Consultants, San Francisco, Calif.

3President, Bison Instruments, Inc., Minneapolis, Minn,
“The italic numbers in brackets refer to the list of references appended to this paper.
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The modulus was determined at very low strain (for example, 1 x 104
to 1 x 107) to the variation in modulus with strain through relations pre-
sented by Hardin and Drnevich [2] and Seed and Idriss {1]. Based on such
relations, the modulus determined can be seen to affect directly subsequent
analyses of ground response.

Seismic shear-wave velocity measurement techniques historically have
included: (1) surface measurements of either shear-wave or Raleigh-wave-
phase velocity, and (2) borehole techniques commonly termed down-
hole, uphole, and crosshole methods. All techniques employ either pulse
sources (that is, an explosive or mechanical pulse) or a continuous-signal
source. A review of shear-wave velocity measurement techniques, theory,
and use is presented by Mirafuente et al {3], Mooney [4], Stokoe and
Woods [5], and Ballard and McLean [6].

One difficulty encountered in shear-wave velocity measurement is rec-
ognition of the signature of the shear-wave phase within the arriving wave
train. Several methods of filtering, scaling, and sometimes back-calculating
shear-wave velocity data have been utilized by investigators in attempts
to provide reasonable results from sometimes ambiguous data at best. This
often results in a reluctance to publish or produce actual records of data,
and often only numerical results or conclusions are presented with no
detail of the interpretation methods.

To overcome the difficulty in recognition of the shear-wave phase arrival,
recent efforts have tended to examine the energy source. While explosive
energy sources provide strong compressional wave and weak shear wave
output, mechanical impulse sources have been developed which provide a
strong polarized energy output. The advantage of the polarization of the
source energy is in the generation of motions which are predominantly
those sought. The additional advantage of the polarized energy source is
that a symmetric reversal of input energy results in the reversed arrival
of the polarized wave at the recording station. Reversal of the polarized
wave is unique, and does not occur for other waves generated in the wave
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train and background noise in the area. Based on such an approach, even
in high noise environments, shear-wave phase arrivals can be recognized
as seismic shear-wave arrivals, while the background noise is random with
respect to discrete specimens in time.

Measurement System and Procedure

The general mechanics of a suitable measurement system include: (1) an
energy source, capable of producing vertically polarized seismic energy that
can be coupled to the walls of a borehole so that the energy can be trans-
mitted efficiently to the surrounding soil or rock material; (2) a directional
borehole geophone, capable of being coupled to the borehole walls, to
receive the source signal; and (3) a storage oscilloscope or seismograph
to display signals received, equipped with a camera for obtaining permanent
records of the measurements.

The energy source, or ‘‘shear-wave hammer,” illustrated in Fig. 1, con-
sists simply of (1) a reaction mass that can be coupled to the borehole

ELECTRICAL LINE

J r—-—— TENSION CABLE

AIR FITTING

TRIGGER CABLE TENSION CABLE 3/4 b REMOVEABLE CAP
TG OSCH.LOSCOPE , l_" —1' EMO Le

4
HYORAULIC HOSE

(FOR EXPANOING _l
AND RETRACTING

PLATES) ;

EXPANDABLE
BALLOON FOR
CLAMPING CAP-
SULE IN BORE
HOLE

24" “
EXPANDING PISTON 2 PROTECTIVE

B RUBBER
TUBING

60"

| —— 41/2 Hz VERTICAL

GEOPHONE

IMPACT POINTS = RETRACTING PISTON

e ALUMINUM
CAPSULE

| _I_ vz
5 | BOREHOLE WALL .
21/4 STEEL WEIGHT

A f 2172
4" 106"

FIG. 1-—Schematic diagram of downhole shear-wave hammer and borehole geophone
clamping devices (1 in. = 2.54 cm).

- PLATE IN EXPANDED
POSITION AGAINST
BOREHOLE WALL

BODY OF STATIONARY
PART

SLIDING WEIGHT



STATTON ET AL ON SHEAR-WAVE VELOCITY MEASUREMENTS 59

walls by means of a hydraulic jacking system, and (2) a slide weight weigh-
ing approximately 4.5 to 20.25 kg (10 to 45 1b) or more, cable operated,
capable of imparting uniaxial impact to the reaction mass along the axis
of the borehole. The slide weight was designed such that impacts can be
symmetrically imparted in both upward and downward directions.

The geophones are directionally sensitive along the axis of the adjacent
boreholes. The motion received is primarily that of the vertically polarized
shear wave. Geophones are coupled to the borehole walls at the same eleva-
tion of the downhole hammer by means of inflatable pneumatic diaphragms;
see Fig. 1. A cross section showing borehole locations and instrument ar-
rangement is presented in Fig. 2. Travel time can be measured as simply
the time difference between arrival times at two adjacent geophone holes.

The measurement system utilizes a multichannel storage oscilloscope
or seismograph for trace display and recording purposes. Advantages of
the oscilloscope or storage screen display seismographs are the time resolu-
tion with accurate display to read time to a tenth of a millesecond and the
capability to display both initial and subsequent reversal of shear-wave
arrivals on the same photographic record. Using this technique and equip-
ment, measurements have been made both near the surface and to depths
of 152 m (500 ft), providing results in materials ranging from hard rock
to relatively soft sand and clay.

RECORDER-STORAGE OSCILLOSCOPE
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FIG. 2—Cross section showing typical instr t arrang t in borehol
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The measurement technique consisted of recording signals received in
adjacent boreholes from the impact energy transmitted from the hammer
borehole. Traces for a given impact were recorded on the upper half of the
split-screen oscilloscope display, and traces from the directionally reversed
impact were recorded on the lower half of the display screen. Four examples
are presented in Fig. 3. As shown in the figures, the shear-wave phase
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FIG. 3a—Examples of seismic wave arrivals traced from oscillograph screen photographs
U ft = 0.3048 m).
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arrival is distinguished by a reversal in polarity with reversed impact direc-
tion. Background noise and other wave types produced retain a generally
constant polarity.

To facilitate measurement efficiency, the borehole used as the energy
source of downhole hammer hole was prepared by grouting in place a steel
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FIG. 3b—Examples of seismic wave arrivals traced from oscillograph screen photographs
(1 ft = 0.3048 m).
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casing with an inside diameter of 100 to 127 mm (4 to 5 in.) The annular
space between the outside casing wall and the surrounding ground was
fully grouted. Grouting is generally accomplished by filling the borehole
with cement grout (pumped in from bottom to top), and the steel casing,
with a watertight wooden end plug installed, can be lowered into the grout-
filled borehole. Lowering the casing displaces the grout, and reasonably
ensures a complete grouting of the casing in place.

Casing of the signal receiving holes, or geophone holes, is not generally
required. Geophone holes can remain filled with drilling mud, however, to
ensure that significant sloughing of the borehole walls does not occur.

Measurements have been made in two adjacent arrays, one array fully
grouted, and one array uncased and ungrouted to compare results. Pre-
liminary data indicate that grouting of geophone holes does not affect
measured shear-wave arrival times. Such measurements have been made
only in clay deposits, however, and more permeable granular deposits have
not been tested.

Once the boreholes are drilled, and the casing installed in the downhole
hammer hole, borehole deviation survey measurements are made. Distances
between boreholes, calculated from the results of the deviation survey,
are compiled in tabular form for each of the deviation measurement stations.
Deviation measurement locations are typically on 1.5 m (5 ft) centers down
the length of each borehole.

Seismic shear-wave velocity values are calculated at the time of the
measurements. The oscilloscope screen is photographed upon completion
of both directional hammer impacts (see Fig. 3), arrival times are scaled
off the Polaroid photographs, and velocity values calculated in the field.
This permits immediate data examination, and any data discrepancies
or peculiarities can be discovered and checked before proceeding with fur-
ther measurements.

Determinations of the shear-wave phase arrivals are made at the two
geophone locations. Seismic shear-wave velocities are calculated using the
time difference between phase arrivals at the two geophones, and the
distance between boreholes. Uniformity of the velocity is checked by using
total phase arrival time measured from the zero time provided by the
impact triggers on the downhole hammer.

Aside from the obvious advantages and improved accuracy of the fore-
going measurements, care must be taken in planning measurement pro-
grams. Usually, subsurface investigation data indicate horizontal con-
tinuums, with layer boundaries defined by material changes and, in some
cases, strong density changes. Velocity boundaries potentially corresponding
to these layers are generally not well defined, although significant velocity
boundaries may be represented by material changes.

Accurate measurement of shear-wave velocity is dependent on optimum
measurement location. Measurements in low-velocity materials near high-
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velocity boundaries, for example, can result in intermediate velocity values
of a refracted wave path. Borehole specimen classification procedures are
not always adequate to identify velocity differences of materials, and typ-
ically do not.

Uncertainty with regard to subsurface velocities can be resolved by defin-
ing the subsurface in terms of compressional wave velocity layers. A sub-
surface velocity profile may be prerequisite to obtaining reliable shear-
wave measurement data. Existing specimen boreholes and boreholes for
geophysical measurements can be utilized for purposes of velocity profiling
by uphole shooting techniques. Uphole shooting techniques are illustrated
in Fig. 4, which presents theoretical and actual data obtained by this tech-
nique. Advantages of velocity profiling by uphole shooting in comparison
with more usual seismic refraction studies include (1) more accurate depth
determinations, (2) definition of low-velocity layers, and (3) higher resolu-
tion for defining intermediate velocity layers. Explosive sources in boreholes
and surface geophones, or borehole geophone and explosive or mechanical
surface energy sources, provide a means of defining the subsurface in
terms of velocity layers. Such data can be obtained using standard seismic
refraction equipment. Compressional wave arrival times at surface geo-
phones can be plotted at the cross-sectional depth of the borehole source
as shown in Fig. 4a. This empirical method of isoarrival contouring has
successfully indicated the subsurface velocity profile (Fig. 4c).

Based on uphole velocity profile data, distances between adjacent bore-
holes can be selected for subsequent shear-wave velocity measurements.
Distances are governed by the thickness of the low-velocity layers; that is,
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FIG. 4a—Procedure for analysis of uphole data (I ft = 0.3048 m).
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FIG. 4c—Results of uphole method on bedded dolomite (I ft = 0.3048 m).

the controlling factor is the thickness of the thinnest low-velocity layer in
which measurements are to be made. Assuming that the impulse source
and receiver can be accurately located in the middle of the low-velocity
layer, the spacing between holes generally should not exceed the layer
thickness; somewhat greater distances can be tolerated provided velocity
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ratios between adjacent velocity layers can be estimated prior to the drill-
ing of geophysical boreholes.

While the foregoing requirements may indicate close spacing of holes,
measurement accuracy is not impaired. Time resolution within the measure-
ment system (using the oscilloscope) far exceeds measurement requirements
of closely spaced boreholes. In general, the spacing need not be greater
than 3 to 7.5 m (10 to 25 ft) for most applications. The accuracy of the
borehole inclinometer, used in the deviation survey for determining the
exact hole spacing, is typically much greater than data requirements of the
overall system.

Conclusion

The development of the borehole impulse energy source producing highly
polarized seismic-wave energy has eliminated the difficulties in shear-wave
velocity measurements made in situ. The general method described elim-
inates possible ambiguity in interpretation of shear-wave velocity data, and
provides for a permanent photographic record of data recorded. The
validity of shear-wave velocity measurements must be evaluated, however,
in terms of measurement location. An accurate uphole velocity profile of
subsurface conditions can improve the shear-wave velocity measurement
system by providing supporting data to guide selected measurement
location intervals; high-quality shear-wave measurement data improve
subsequent calculation of shear modulus. Reliable results depend upon
both the knowledge of what is being measured and the accuracy and integ-
rity of the measurements themselves.
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ABSTRACT: Dynamic shear moduli determined at low shearing strain amplitudes
(<103 percent) during sustained-pressure, resonant-column tests are shown to in-
crease with time of confinement. The time-dependent modulus increase is charac-
terized by two phases: (1) an initial phase which results from primary consolidation,
and (2) a second phase which occurs after completion of primary consolidation, called
the “long-term time effect.”” The dutation of primary consolidation and the magnitude
of the long-term time effect vary with factors such as soil type and stress conditions.
Although shapes of the modulus-time relationships differ depending on whether the
soil is primarily fine- or coarse-grained, all soils exhibit a long-term time effect. The
long-term time effect is also shown to occur at higher shearing strains (0.001 to 0.1 per-
cent) for moduli determined at the onset of cyclic loading. On the basis of these re-
sults, confinement time is shown to be an important parameter which must be properly
accounted for in the laboratory measurement of shear moduli and which must be con-
sidered when interpreting laboratory moduli in terms of in situ response.

KEY WORDS: clays, dynamics, dynamic response, geotechnical engineering, laboratory
tests, cyclic loading, resonant-column test, sands, shear modulus, time-effect, torsion
shear tests, vibration, soils

Dynamic shear moduli of undisturbed and recompacted soils can be
determined by a variety of laboratory testing methods. The most widely
used methods are cyclic triaxial shear, cyclic simple shear, cyclic torsional
shear, and resonant column. Moduli determined by these testing methods
are influenced by factors such as confining pressure, stress history, shear-
ing strain amplitude, number of cycles of loading, degree of saturation
and drainage conditions. One other factor, duration of the confining pres-
sure, is also of fundamental importance in laboratory evaluations of shear
modulus by any of these test methods. Unfortunately this factor is often
either neglected or misunderstood. This oversight can easily result in mis-
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interpretation of test data and failure to derive maximum benefit from a
testing program.

The objective of this paper is to provide quantitative information about
the effect of time at constant confining pressures on shear moduli of sands
and clays. Previous research on time effects is reviewed. Procedures to
measure modulus change with time are described, after which typical re-
sults from laboratory tests are shown. On the basis of these data, general
guidelines are given for determining the time at which shear moduli should
be evaluated during laboratory tests. Furthermore, a rationale is established
for adjusting shear moduli measured in the laboratory at various shearing
strain amplitudes to probable in situ moduli at corresponding shearing
strains. Finally, the general concepts are illustrated by presenting two ex-
amples in which initial and long-term phases of modulus-time response
are incorporated.

Background

The effect of confinement duration (at a constant pressure) on the mag-
nitude of shear moduli was reported as early as 1961 [Z].3 In the following
years other researchers [2-5] observed that when specimens were confined
at a constant confining pressure, shear moduli measured at shearing strain
amplitudes below 0.001 percent (commonly referred to as low-amplitude
moduli) increased with time of specimen confinement. As a result of these
general observations, a number of individuals [6-9] performed more de-
tailed studies of the time-dependent modulus change. These studies showed
that shear moduli of artificially prepared soil specimens indeed increased
with time of specimen confinement. More recently, sustained-pressure
studies on undisturbed specimens of sands and clays determined that this
time-dependent behavior was also characteristic of natural soils as well
[10-15].

Table 1 summarizes some studies in which the effect of long-term con-
finement on low-amplitude dynamic shear moduli has been evaluated. As
shown in the table, time effects have been recorded for a variety of mate-
rials, ranging from clean sands which were prepared in the laboratory to
natural clays from the Gulf of Mexico. Time effects have been observed
over a wide range in confining pressures, 35 kN/m? (§ psi) to more than
700 kN/m? (100 psi), and for a wide range in shear moduli, 14 000 kN/m?
(2030 psi) to more than 200 000 kN/m? (28,990 psi). Although the rate of
modulus change varied from study to study, all soils exhibited an increas-
ing shear modulus with increasing time of confinement.

Previous sustained-pressure studies indicate that for most soils the
time-dependent behavior at low strain levels can be characterized by an

3The italic numbers in brackets refer to the list of references appended to this paper.
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initial phase when modulus changes rapidly with time followed by a second
phase when modulus increases about linearly with the logarithm of the
time. This response is illustrated in Fig. 1. For the most part, the initial
phase results from void ratio changes during primary consolidation. The
initial phase is, therefore, referred to as ‘‘primary consolidation.” The sec-
ond phase, in which modulus increases about linearly with the logarithm of
time, is believed to result largely from a strengthening of physical-chemical
bonds in the case of cohesive soils [13] and an increase in particle contact
for cohesionless soils [16]. This phase is referred to as the “long-term time
effect.” The long-term effect represents the increase in modulus with time
which occurs after primary consolidation is completed.

Two methods are used to describe the long-term effect. The long-term
time effect is expressed in an absolute sense as a coefficient of shear
modulus increase with time, I¢

I = AG/IOglo (tz/t1) (1)
where
t1, t2 = times after primary consolidation, and
AG = change in low-amplitude shear modulus from ¢, to ¢z as shown

in Fig. 1.

Numerically, I equals the value of AG for one logarithmic cycle of time.
The long-term time effect is also expressed in relative terms by the nor-
malized shear modulus increase with time, N¢
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FIG. 1—Phases of modulus-time response.
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AG 1 Ig
Ng = 100% = 100% 2
N (10g10 (t2/t1) )( G 1000 ) ’ 1000 ’ @
where Gioec = shear modulus measured after 1000 min of constant con-

fining pressure (must be after completion of primary consolidation). The
purpose of this normalization is to remove some of the influence of con-
fining pressure and to provide a common basis for reporting modulus data.
Values of Ng are particularly helpful when trying to estimate the magnitude
of in situ modulus change with time when long-term laboratory tests have
not been conducted.

The duration of primary consolidation and the magnitude of the long-
term time effect vary with factors such as soil type, initial void ratio, un-
drained shearing strength, confining pressure, and stress history. Figure 2
shows typical time-dependent modulus responses for different soils. Typical
values of I and N¢ are given in Table 1.

Significance

The time dependency of modulus has significant implications. In the
first place, it means that duration of confinement at a constant confining
pressure must be considered when performing laboratory tests. As evident
from Fig. 2, the modulus of a clay determined after ten minutes of con-
finement could differ by 20 percent or more from a modulus measured
after two days of confinement. The obvious conclusion is, therefore, that if
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FIG. 2—Effect of confinement time on shear modulus.
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laboratory values of modulus of a given soil are to be compared, they should
be compared after equal confinement times for similar drainage conditions,
and these times should be equal to or greater than the time of primary
consolidation. In addition, for laboratory tests in which moduli are mea-
sured, times for primary consolidation of the specimens and, if possible,
magnitudes of the long-term time effect, I, should be reported.

This time-dependent behavior is of even more fundamental importance.
It means that time must be considered when estimating shear moduli of in
situ soils from laboratory measurements. For example, a question arises
as to whether in situ moduli should be represented by laboratory shear
moduli determined at the appropriate confining pressure after ten minutes,
ten hours, ten days, or some other time. In this case the problem involves
engineering judgment which could have a significant effect on the satis-
factory performance of a project.

Testing Methods

The effect of confinement time on shear modulus can be conveniently
evaluated in the resonant-column test. The primary advantage of this test-
ing method is that high-quality moduli measurements can easily be made
at very small shearing strains (strains less than 0.001 percent). As long as
shearing strains are less than 0.001 percent, moduli values can be obtained
from the same soil specimen at different intervals of time without intro-
ducing the effects of previous measurements at that pressure. The added
advantage of some resonant-column test devices is that moduli values can
be determined at higher shearing strain levels (0.01 to 1.0 percent).

Equipment and Test Setup

The primary resonant-column systems which have been used by the
authors and others to conduct time-dependent moduli studies are the
Drnevich, Hall, Hardin, and Stokoe devices. Each device consists essentially
of a coil-magnet drive system, an accelerometer or velocity transducer to
monitor the motion of the drive system, a linear variable differential trans-
former (LVDT) or other displacement transducer to detect vertical height
change of the soil specimen, and a confining chamber. Additional details
of the mechanics of these systems are described elsewhere [3, 16-18].

In the test setup the coil-magnet drive system is attached to a top cap
which is seated on a membrane-encased, cylindrical soil specimen. The
soil specimen can be either hollow [3,18] or solid [16,17], depending on
the capabilities of the particular test device. The base pedestal, upon which
the specimen is placed, is connected to a drainage line. Filter paper strips
may be used along the length of the specimen to accelerate specimen con-
solidation. The top cap and bottom pedestal are usually serrated or rough-
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ened in some manner to assure good mechanical coupling between the soil
and equipment. The system is generally set up such that only a hydro-
static confining pressure is applied, although the Hardin device [17] is
capable of applying anisotropic load conditions.

An electrical system is used to operate and monitor resonant-column
equipment. To obtain accurate shear wave velocity measurements, it is nec-
essary to use electronic equipment such as shown in Fig. 3. In this system,
a signal generator supplies a sinusoidal voltage to the coils in the coil-
magnet drive system. The magnetic field induced by the current in the coils
interacts with the magnetic field from the permanent magnet, thereby re-
sulting in torsional oscillation of the drive cap and specimen. By varying
the frequency of the input signal, the amplitude of vibration varies. An
accelerometer (or velocity transducer) located on the top cap generates a
voltage proportional to the amplitude of vibration of the soil top-cap sys-
tem. This signal is conditioned and then viewed on the oscilloscope. A
voltmeter and digital counter are used to monitor the amplitude and fre-
quency, respectively, of the signal at resonance, and an LVDT is used to
monitor specimen-height change.

The object of the test is to vibrate the soil-top-cap system at first-mode
resonance. First-mode resonance is defined as the frequency at which maxi-
mum top-cap motion is obtained during a sweep of frequencies (usually
starting at about 20 Hz). At first-mode resonance, material in a cross sec-
tion at every elevation vibrates in phase with the top of the specimen. Shear
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FIG. 3—Typical electronics for resonant-column device.
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wave velocity and shear modulus are then determined on the basis of sys-
tem constants and the size, shape, and weight of the soil specimen [19].

Low-Amplitude Test Procedure

In time-dependent, resonant-column studies, moduli are determined at
various times after application of the confining pressure. The actual record-
ing sequence is analogous to that used during an odeometer test; that is,
moduli are measured at 1, 2, 4, 8, 15 ... minutes after the pressure is
applied during the first day. Measurements are then made about twice a
day thereafter.

Figure 4 illustrates a typical test sequence. Each recording requires
about 30 to 60 s of vibration to determine the resonant frequency. Levels
of deformation are such that shearing strains are less than 0.001 percent
(hence, a low-amplitude test). It should be noted that duration of vibration
is immaterial at these shearing strain levels. Whether the specimen is vi-
brated continuously or for only a few seconds has no influence on that
measurement or on subsequent measurements. Only when strains exceed
about 0.001 percent does duration of vibration affect moduli determination
[18,20,21].

The entire low-amplitude test sequence is performed with drainage. It
is not necessary to close drainage valves during vibration, as is typically
done during cyclic triaxial testing, because levels of deformation are far
below those levels required to generate excess pore-water pressures [22,23].
Specimens can be back-pressure saturated if desired; however, due to air
migration, it is difficult to maintain a completely saturated state.

Low-amplitude measurements are performed until the slope of the re-
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FIG. 4—Typical low-amplitude test sequence.
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lationship for long-term modulus increase with time, I¢, is well defined.
For most soils a one- to three-day period is sufficient to define I¢ if the
test pressure is part of an increasing confining pressure sequence. Experi-
mental test results indicate that a longer period, up to as much as a week,
may be required if the test pressure is part of a decreasing confining pres-
sure sequence.

Upon completion of moduli measurements at one confining pressure,
either the pressure is removed and the device disassembled, or the pres-
sure is changed to the next pressure in the sequence. Once again ampli-
tudes of vibration are so low that vibration at the previous pressure has no
effect on moduli at the present confining pressure; therefore, a new mod-
ulus-time measurement sequence can be conducted at the higher confin-
ing pressure on the same specimen. However, modulus measurements are
affected by stress history for the decreasing pressure sequence.

High-Amplitude Test Procedure

Measurement of shear moduli at shearing strains above 0.001 percent is
not performed during primary consolidation, because of the unknown ef-
fective stress condition and because vibration at strains above this level
might alter pore-water pressure and soil structure during this phase. Al-
though high-amplitude measurements (above a shearing strain of 0.001
percent) could be performed immediately after primary consolidation,
these modulus measurements are most meaningfully performed after the
long-term time effect has been well defined at low-amplitude shearing
strains.

High-amplitude modulus measurements are usually performed by in-
creasing the amplitude of torsional vibration in several steps, and after
each step the low-amplitude moduli are again determined. The low-ampli-
tude moduli are used as reference values to determine if any specimen
change has occurred as result of high-amplitude cycling [/8,27]. The fol-
lowing is a typical high-amplitude measurement sequence given in terms of
shearing strain amplitudes at which moduli were determined: 0.001, 0.004,
0.001, 0.01, 0.001, 0.02, 0.001, 0.04, 0.001, 0.07, 0.001, 0.10, 0.001, 0.20,
and 0.001 percent. Figure S5 shows this sequence. About 30 to 40 s of high-
amplitude vibration are required at each strain level, and usually a one-
minute rest time is used between all measurements. Drainage valves are
closed during the high-amplitude measurement sequence and opened during
the rest interval.

After high-amplitude moduli measurements are completed, a rest period
of several days follows during which the specimen remains under constant
confining pressure with drainage. During this rest period the low-ampli-
tude modulus should be monitored with time. The low-amplitude modulus
may initially have a different value than that measured before the high-
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FIG. 5—Typical high-amplitude test sequence for clay.

amplitude sequence. For example, in clays a decrease in low-amplitude
moduli typically occurs after high-amplitude cycling. This decrease in mod-
ulus is temporary, and the low-amplitude modulus regains with time to the
value predicted by the long-term time effect [18,21]. If the low-amplitude
modulus regains to the long-term time effect value, permanent alteration of
the specimen characteristics is assumed not to have occurred, and another
high-amplitude test sequence can be performed on the ‘“‘undisturbed”’ speci-
men. If complete regain of the low-amplitude modulus does not occur,
then subsequent modulus measurements will no longer be representative
of initial specimen characteristics.

Evaluation

Resonant frequencies are converted to shear wave velocities and shear
moduli by utilizing one-dimensional wave propagation formulas [19,24].
Correct specimen volume and weight at the measurement time should be
used in these calculations. Results are typically plotted showing the varia-
tion in velocity or modulus as a function of the logarithm of time at a con-
stant pressure. It should be noted that velocity most closely follows a linear
increase with the logarithm of time [18]. Because modulus is determined
from the square of the velocity, a slightly nonlinear variation in moduli
results with increasing time. For most cases this variation is small, and
the increase in modulus can be assumed linear.
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Low-Amplitude, Time-Dependent Shear Moduli

The shape of the low-amplitude modulus-time response at a constant
confining pressure depends primarily on whether the soil is predominantly
fine-grained (silts and clays) or coarse-grained (sands).

Fine-Grained Soils

Figure 6a illustrates typical changes in shear modulus with time at a con-
stant confining pressure for a clay on the loading sequence. The two dis-
tinct phases of modulus-time response are very evident in this figure. First,
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during primary consolidation, values of the shear modulus are initially
constant, then increase rapidly and finally begin to level off. Second, dur-
ing the long-term time effect, values of the modulus increase linearly with
the logarithm of time.

Figure 6b shows the vertical height change of the clay specimen during
this constant-pressure confinement. By comparing the height change re-
sults with the modulus-time response, it is evident that the end of the initial
phase in the modulus-time response coincided with the end of primary
consolidation. The point of transition in the modulus-time response for
this loading sequence is defined as the end of primary consolidation. There-
fore, modulus values determined at confinement times before the end of
the primary consolidation phase will be at an effective stress less than that
assumed because excess pore-water pressures still exist in the specimen.

During the long-term time-effect phase of modulus response, shear mod-
ulus increased about linearly with the logarithm of time. In Fig. 6a, this in-
crease was monitored for 10 000 min or about one week. For another study
of a fine-grained soil [25], a similar modulus-time response was monitored
over periods as long as 20 weeks. In Fig. 6a the coefficient of shear mod-
ulus increase with time, I, is about 6200 kN/m? (900 psi), and the nor-
malized shear modulus increase with time, Ng, is about 15 percent.

Several factors appear to affect values of I¢ and Ng. The value of I¢
generally increases as the confining pressure increases. Values of Ng de-
crease with increasing undrained shearing strength and increase with in-
creasing void ratio for fine-grained soils [26]. Stress history also affects
values of I and Ng. Figure 7 shows this effect for a series of modulus-
time tests conducted on one specimen. Values of the modulus were deter-
mined over approximately a one-week period of confinement at each pres-
sure in the following pressure sequence: 117, 235, 414, 235, and 117 kN/m?
(17, 34, 60, 34, and 17 psi). It can be observed that, in the overconsolidated
state, values of I¢ and N¢ were reduced relative to value of I¢ and N¢ in
the normally consolidated state. Finally, Ng increases as the mean grain
diameter, Dso, decreases, as shown in Fig. 8.

Coarse-Grained Soils

A typical modulus-time response of a coarse-grained soil is illustrated
in Fig. 9. It can be observed that the shape of the modulus-time response
for the cohesionless soil differs significantly from that of the fine-grained
soil shown in Fig. 6. For the sand shown in Fig. 9, the primary consolida-
tion phase is not evident. Rather, the long-term time effect had begun by
the time the first measurement was made. The long-term time effect is,
however, similar to that which occurs for clays, that is, a straight line on a
semilogarithmic plot of modulus versus time.

No evidence of primary consolidation should have been expected in this
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FIG. 9—Typical modulus change with time for sand (data from Ref 18).

clean sand because pore pressure changes and elastic deformations occurred
prior to the first modulus measurement. If fines had inhibited drainage,
some primary consolidation would have occurred. It should not, however,
be interpreted that the initial phase of the modulus-time response in a sand
is strictly a pore-pressure, elastic deformation process. In view of the high
stresses at points of particle contact, some viscoelastic adjustments might
occur depending on the crystalline structure of the soil grains. Therefore,
a nonlinear response might be recorded initially.
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In Fig. 9 the linear increase in modulus with the logarithm of time was
monitored for about 10 000 min. Other results have been presented [6] in
which this response was monitored for as many as 60 weeks in crushed,
air-dried sand (Agsco No. 2). Values of /g and Ng for the results shown in
Fig. 9 are 1725 kN/m? (250 psi) and 1.0 percent, respectively. These values
are much smaller than those shown for the clays in Fig. 6a.

In contrast to the behavior of fine-grained soils, the magnitude of the
long-term time effect in coarse-grained soils seems to be relatively indepen-
dent of Dso until values of Dso are less than about 0.05 mm (0.002 in.), as
shown in Fig. 8. It should be noted, however, that Fig. 8 was developed
on the basis of measurements made on relatively uniform sands. Other un-
published data indicate that N¢ in sands increases as the proportion of fine-
grained material increases; that is, a silty sand will exhibit a higher N¢g
than a clean sand even though both materials have the same Dso.

High-Amplitude, Time-Dependent Shear Moduli

Variations in modulus with time of confinement at a constant pressure
are not limited to low shearing strain amplitudes. Recent studies [13,18,27]
indicate that moduli measured at shearing strain amplitudes between 0.001
and 0.1 percent also increase with time.

At present (1977), only the long-term time effect of high-amplitude re-
sponse for fine-grained soils has been investigated extensively. Typical re-
sults for a soft marine clay are presented in Fig. 10. It can be observed in
this figure that the modulus increase with time at 0.1 percent shearing
strain was only slightly below the rate recorded at low-amplitude shearing
strains. These modulus increases at larger strains were noted at the onset
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FIG. 10—Typical hollow-specimen resonant-column test results for clay.
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of high-amplitude cycling, before pore pressure buildup and modulus deg-
radation became a factor.

A number of tests [18] have been performed which also show that long-
term modulus increases occur at low to intermediate strain levels (0.001 to
0.1 percent) for stiffer clays. Preliminary results from long-term, high-
amplitude moduli tests on sand seem to indicate that long-term moduli in-
creases occur in clean, dry sands at strain amplitudes to 0.1 percent as well.
These results are consistent with those noted by others [28-30] where
strength (a high-strain behavior) was also found to be time dependent.

Because of the general similarity between the increase in moduli with
time at low- and high-shearing strain amplitudes, it seems reasonable to
conclude that many of the factors which affect the low-amplitude modulus
time response also affect the high-amplitude, modulus-time response (at
the start of high-amplitude cycling).

Interpretation of Time-Dependent Shear Moduli

The time-dependent behavior of shear modulus has fundamental impor-
tance in planning and executing a laboratory testing program. Evaluation
and understanding of this time-dependent behavior is also important in the
prediction of in situ shear moduli from laboratory measurements.

Primary Consolidation

Primary consolidation should be completed before defining low-ampli-
tude modulus or initiating a high-amplitude test sequence. If primary con-
solidation is not complete, then excess pore-water pressures exist, and
modulus values are defined at an unknown state of effective stress. In gen-
eral, drained confinement for one day before measurement is adequate for
sands and clays (for specimens sizes up to 7 cm (2.8 in.) in diameter with
radial and end drainage).

Because primary consolidation occurs in less than one day for most speci-
mens, a one-day measurement of shear modulus will include some increase
in modulus from the long-term time effect. One might speculate that the
contribution of the long-term time effect would be most significant in
coarse sands because primary consolidation occurs so rapidly in these ma-
terials [three or more log cycles of time (in minutes) elapse between the end
of primary consolidation and the one-day reading]. However, the iong-term
time effect in coarse sands is generally quite small, so that differences in
modulus introduced by including some long-term time increase are gener-
ally small. This is not necessarily the case for clays, particularly if signifi-
cant time elapses between the end of primary consolidation and the mea-
surement. For example, consider a clay specimen which is confined on
Friday and tested on Monday rather than on Saturday. The modulus mea-
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sured on Monday may be 10 percent or more greater than the modulus
which would have been measured on Saturday. This difference would be
even more important if measurements were made on a soft marine speci-
men where long-term modulus increases can be very large.

Low-Amplitude Moduli

Evaluation of the long-term time effect serves a very useful function if
shear moduli have not been determined in sitx. It has been shown [10-14]
that laboratory shear wave velocities and shear moduli determined after
one day of confinement are typically less than those occurring in situ. How-
ever, when long-term modulus increases are properly introduced into the
comparison, much closer agreement between field and laboratory moduli
results. The amount of long-term time effect which should be incorporated
in the laboratory measurement is believed to be related to the geological
age and geological history of the material.

To estimate low-amplitude moduli where in situ data do not exist, the
following procedure can be used. First, measure the low-amplitude shear
modulus at the end of primary consolidation, G mex primery- Then evaluate the
long-term time effect, I, from resonant-column tests or from empirical
relationships [9,26]. With I, add t0 Gmax primary the long-term time effect
estimated to have occurred in the field. This procedure can be expressed
mathematically as

Gmax field = Gmax primary T FA *IG (3)

where

Gmaused = predicted in situ low-amplitude shear modulus, and
F, = age factor for site.

it

The age factor of a site is estimated from
Fy = logio(t./t,) “

where

t. = time since start of most recent significant change in stress history
at the site, and

time to complete primary consolidation at site as a result of stress
change.

Ip

The time to complete primary consolidation, ¢,, will vary with soil type,
thickness of the deposit, drainage conditions, etc. For sand deposits, ¢,
is usually assumed to be small, say equal to 100 or 1000 min, whereas for
clays t, may be on the order of years. Typical values of F, might range
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from 4 to 8, which corresponds to site ages of 20 and 200 000 years, re-
spectively (assuming primary consolidation was completed in a day or less).

As an example, consider a site composed of a 6-m-thick (20 ft) layer of
sand overlying a 3-m-thick (10 ft) layer of overconsolidated clay which is
underlain by bedrock. The water table is at the interface between the sand
and clay. The average age of the sand is estimated to be 55 000 years, and
the average age of the clay is estimated to be 2.5 million years. The object
is to predict the low-amplitude in situ shear modulus at the center of the
clay layer as the deposit presently exists. From laboratory tests, it was deter-
mined that

Gmax primary = 125 000 kN/m2 (18 120 pSi) (5)
Is = 14 000 kN/m? (2030 psi) ©6)
t, = 1000 days N

If it is assumed that the most recent significant stress change in the clay
resulted from the loading imposed by the sand, then

n

55 000 years (8)
55 000 years x 365 days/year
= 4,
log< 1000 days > 3 ©)

te

Fy

The estimated in situ shear modulus is

Gmaxfies = 125 000 kN/m? (18 120 psi) + 4.3 * 14 000 kN/m? (2030 psi)
(10)

185 200 kN/m? (26 840 psi)

This estimating procedure does not take into account modulus variations
due to effects such as specimen disturbance and incorrect laboratory repre-
sentation of field confinement. In the case of clays and dense sands, mod-
uli estimated by this procedure most likely represent a lower bound. How-
ever, for loose sands sampling may actually increase the stiffness and, in
that case, the estimated moduli may represent an upper bound.

It is important to recognize that in this extrapolation method the time
for primary consolidation and time of the most recent significant stress
change are usually very difficult to estimate. For example, a sudden change
in water table or an earthquake may cause enough stress change to destroy
the previous effects of long-term confinement. Laboratory test data indi-
cate that changes in effective confining pressure as small as 70 kN/m?
(10 psi) may alter long-term effects in normally consolidated soils [9]. How-
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ever, this threshold is expected to differ according to the soil type and the
stress history at the site. For instance, a heavily overconsolidated clay may
require far more than a 70 kN/m? (10 psi) change to alter long-term time
effects. In view of these unknown factors, any estimate of field moduli can
at best be shown as a range in expected values.

In situ High-Amplitude Moduli

Results in Fig. 10, which show shear moduli increasing with time at low
to intermediate shearing strain amplitudes (0.001 to 0.1 percent), suggest
that the modulus-versus-strain curve would continually shift upward until
the low-amplitude laboratory modulus coincided with the seismic modulus
if tests were conducted for a long enough time (neglecting sampling distur-
bance, etc.). This concept is shown in Fig. 11. The expected field modulus-
strain curve at the point where the lab and seismic moduli coincide would
be represented mathematically by

Gﬁeld = Glab + Ar (11)

where A, is simply the difference between Gumax fietla aNd Grmax1ab -

It is worthwhile noting that the modulus-strain curve predicted on this
basis differs considerably from the curve commonly used in the engineer-
ing profession today. In the commonly used procedure, shear moduli are
increased by a constant percentage, that is

Graa = Gub * P, (12)

5 T =

SHEAR MODULUS, G THOUSAND PSI
SHEAR MODULUS, G THOUSAND KN/M2

0 10 _WEEK, T

10-3 10-2 10-! 1
SHEARING STRAIN (%)

FIG. 11—Effect of time on shear modulus versus shearing strain relationship.
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where P, is the ratio of Gmax field t0 Gmax1sb . This procedure is perhaps more
easily recognized as

G
Gﬁeld = <

Gm“ >1ab * Gmax field

(13)

but has the same meaning.

The two approaches are shown schematically in Fig. 12. Note that at
lower strains (less than 0.01 percent) the two procedures give similar values
of shear modulus, but as shearing strains increase the difference between
modulus values predicted by the two methods increases. In the 0.01 to 0.1
percent range the two values may differ by 50 percent or more, with the
value predicted by the arithmetic method being higher than that predicted
by the percentage method.

To demonstrate the arithmetic-prediction procedure, consider the previ-
ous example of the sand-clay-bedrock site for which Gm s at the center
of the clay layer was predicted. The object is now to predict the in situ shear
modulus at the center of the clay layer at a shearing strain of 0.1 percent
at the start of cyclic loading. For this example, assume that Gmax fiea has
been determined by seismic methods and is equal to 205 000 kN/m?
(29 710 psi) [which if, in fact, were true would be considered to be in very
good agreement with the predicted lower bound of 185 200 kN/m? (26 840

v 1
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FIG. 12—Field curve predicted by arithmetic and percentage increase in moduli (Ref 26).
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psi)]. From high-amplitude laboratory tests, it was determined that at the
end of primary consolidation

Gubaty - 01% = 38 000 kN/m? (5510 psi) (14
Then by the arithmetic method
Griaa = 38 000 kN/m?2 (5510 psi)
+ [205 000 kN/m? (29 710 psi) — 125 000 kN/m? (18 120 psi)]
= 118 000 kN/m? (17 100 psi) (15)
and by the percentage method
Graa = 38 000 kN/m? (5510 psi)
x [205 000 kN/m? (29 710 psi)/125 000 kN/m? (18 120 psi)]
= 62 320 kN/m? (9030 psi) (16)

The concept of an arithmetic increase also implies that the shape of the
modulus ratio, G/Gma, versus shearing strain curve is not unique but
changes with time. In fact, G/Guma will vary with the magnitude of the low-
amplitude modulus as well as the coefficient of shear modulus increase
with time, I, and age factor of the site, F4. Figure 13 indicates that the
most significant differences occur for soft soils (low Gma) exhibiting a
large long-term time effect, such as a marine clay, and that the least dif-
ference occurs for stiff soils (large Gmax) with a small long-term time effect,
such as dense sands and highly overconsolidated clays. In Fig. 13 the upper
bound of the long-term time-effect band represents a site age of about
200 000 years and the lower bound about 20 years (assuming a short
period of primary consolidation).

Because laboratory test results are time dependent, the G/Gmax versus
shearing strain curve cannot be unique. Therefore, the percentage increase
procedure based on measurements made after one day of specimen con-
finement will be at best a lower bound. Due to the impracticality of con-
ducting extremely long-term tests, a question exists regarding the best lo-
cation for the field curve. Whether the actual curve will be equal to the
arithmetically corrected curve or will fall between the two can be verified
only by conducting high-amplitude in situ tests and comparing results
with results predicted on either basis. Although laboratory data suggest
that results will more closely resemble the arithmetic correction at strains
less than 0.1 percent (Eq 11), it would probably be prudent at this stage
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FIG. 13—Effect of time on modulus ratio curves (Ref 28).

to use both methods and evaluate the consequences of the different bounds
on the project of concern.

Conclusions

On the basis of information presented, the following conclusions can
be made:

1. Shear moduli of sands, silts, and clays vary with time of confinement
at a constant confining pressure. Time, therefore, must be considered when
reporting and interpreting shear moduli data from laboratory tests.

2, The time-dependent response of shear modulus at shearing strains
less than or equal to 0.001 percent is characterized by two phases: an initial
phase which is due mainly to primary consolidation, and a second phase
in which modulus increases about linearly with the logarithm of time. The
second phase is referred to as the long-term time effect. Fine-grained soils
exhibit both phases when tested, whereas coarse-grained soils usually exhi-
bit only the long-term time effect.

3. Increase in shear modulus with duration of confinement also occurs
at shearing strains from 0.001 to 0.1 percent. This increase in high-ampli-
tude modulus is equal to or slightly less than that which occurs at low-
amplitude shearing strains. As a result, the shape of the G/Gmex versus
shearing strain curve is not unique but changes with time. This nonunique-



88 DYNAMIC GEOTECHNICAL TESTING

ness is most significant for soft soils which exhibit a large long-term time
effect.

4, High-amplitude shear moduli should be determined by an increasing
shearing-strain amplitude test sequence similar to that shown in Fig. 5.
The low-amplitude modulus should be used as a reference value to eval-
uate possible permanent specimen changes resulting from high-amplitude
cycling.

S. To estimate in situ low-amplitude shear moduli from laboratory tests,
the increase in modulus with time should be taken into account in a manner
shown by Eq 3.

6. To estimate in situ high-amplitude shear moduli from laboratory tests,
the arithmetic increase shown by Eq 11 represents a possible upper bound
and the percentage increase shown by Eq 12 represents a reasonable lower
bound.

Recommendations

In view of the general importance of the time-dependent behavior of
shear modulus, it is recommended that ASTM procedures for performing
resonant-column and other dynamic tests incorporate a provision for assur-
ing that shear moduli are evaluated after primary consolidation has been
completed, as determined by monitoring the change in low-amplitude
shear modulus, height change, or volume change with time. Moreover,
such ASTM procedures should require that a statement be included with
the test results which documents the duration of confinement (at each con-
fining pressure) and the time for primary consolidation. It is further rec-
ommended that the long-term time effect for a representative number of
specimens be determined if in sit moduli are to be predicted. It is also
recommended that comparisons of laboratory values of shear moduli be
made either at the end of primary consolidation or after equal intervals
of the long-term time effect. Finally, it is recommended that if the long-
term time effect is to be determined at high shearing strain amplitudes,
procedures outlined in this discussion be followed.
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ABSTRACT: The resonant-column method, a relatively nondestructive test employing
wave propagation in cylindrical specimens, is used to obtain modulus and damping of
soils as functions of vibratory strain amplitude and other factors such as ambient
confining stress and void ratio. Descriptions of the apparatus, calibration procedures,
testing procedures, and aids for data reduction are given for apparatus which propa-
gate either rod compression waves or shear waves or both. Data reduction aids in-
clude graphs for a wide range of apparatus conditions and include a computer pro-
gram that covers all admissable boundary conditions.
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destructive testing, soils

The methods discussed herein cover the determination of the shear mod-
ulus, shear damping, rod modulus (commonly referred to as Young’s
modulus), and rod damping for solid cylindrical specimens of soil in the
undisturbed and remolded conditions by vibration using the resonant col-
umn. The vibration of the specimen may be superposed on a controlled
ambient state of stress in the specimen. The vibration apparatus and speci-
men may be enclosed in a triaxial chamber and subjected to an all-around
pressure and axial load. In addition, the specimen may be subjected to
other controlled conditions (for example, pore-water pressure, degree of
saturation, temperature). These methods of modulus and damping deter-
mination are considered nondestructive when the strain amplitudes of
vibration are less than 10 -*rad (10 -*in./in.), and many measurements may
be made on the same specimen and with various states of ambient stress.
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These methods cover only the determination of the modulus and damping,
the necessary vibration, and specimen preparation procedures related to
the vibration, etc., and do not cover the application, measurement, or
control of the ambient stress. The latter procedures may be covered by,
but are not limited to, the ASTM Test for Unconfined Compressive
Strength of Cohesive Soils D 2166, or the ASTM Test for Unconsolidated
Undrained Strength of Cohesive Soils in Triaxial Compression (D 2850).

Significance

The modulus and damping of a given soil, as measured by the reson-
ant-column technique herein described, depend upon the strain amplitude
of vibration, the ambient state of effective stress, and the void ratio of the
soil as well as other, less significant factors such as temperature and time.
Since the application and control of the ambient stresses and the void ratio
are not prescribed in these methods, the applicability of the results to field
conditions will depend on the degree to which the application and control
of the ambient stresses and the void ratio, as well as other parameters
such as soil structure, duplicate field conditions. The techniques used to
simulate field conditions depend on many factors and it is up to the engi-
neer to decide on which techniques apply to a given situation and soil type.

Definitions

Resonant-Column System

The resonant-column system consists of a cylindrical specimen or column
of soil that has platens attached to each end as shown in Fig. 1. A sinu-
soidal vibration excitation device is attached to the active-end platen. The
other end is the passive-end platen. It may be rigidly fixed (the criterion
for establishing fixity is given later) or its mass and rotational inertia must
be known. The vibration excitation device may incorporate springs and
dashpots connected to the active-end platen, where the spring constants
and viscous damping coefficients are known. Vibration excitation may be
longitudinal or torsional. A given apparatus may have the capability of
applying one or the other, or both. The mass and rotational inertia of the
active-end platen and portions of the vibration excitation device moving
with it must be known. Transducers are used to measure the vibration
amplitudes for each type of motion at the active end and also at the pas-
sive end if it is not rigidly fixed. The frequency of excitation will be ad-
justed to produce resonance of the system, composed of the specimen and
its attached platens and vibration excitation device.
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MASS RIGIDLY CONNECTED TO PLATEN

PASSIVE END PLATEN

SOIL SPECIMEN

ACTIVE END PLATEN

(W‘EIGHTLESS TORSIONAL SPRING

WEIGHTLESS TORSIONAL DASHPOT

PORTION OF VIBRATION EXCITATION DEVICE
RIGIDLY CONNECTED TO PLATEN

\WE IGHTLESS LONGITUDINAL DASHPOT

WEIGHTLESS LONGITUDINAL SPRING

FIG. 1—Resonant-column schematic.

System Resonant Frequency

The definition of system resonance depends on both apparatus and speci-
men characteristics. For the case where the passive-end platen is fixed,
motion at the active end is used to establish resonance, which is defined
as the lowest frequency for which the sinusoidal excitation force (or mo-
ment) is in phase with the velocity of the active-end platen. For the case
where the passive-end platen mass (or passive end platen rotational inertia)
is greater than 100 times the corresponding value of the specimen and is
not rigidly fixed, resonance is the lowest frequency for which the sinu-
soidal excitation force (or moment) is 180 deg out of phase with the
velocity of the active-end platen. Otherwise, motion at the passive end is
used to establish resonance, which is the second lowest frequency for which
the sinusoidal excitation force (or moment) is in phase with the velocity of
the passive-end platen. (The lowest frequency for this condition is not used
because it does not produce significant strains in the specimen.) In general,
the system resonant frequency for torsional excitation will be different
from the system resonant frequency for longitudinal excitation.

Ambient Stress

These are stresses applied to the specimen, during the test, that do not
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result from the vibration strains. These methods of test do not cover the
application and measurement of ambient stresses; however, the ambient
stress at the time of measurement of the system resonant frequency and
system damping shall be measured and recorded in accordance with the
final section of the paper.

Moduli and Damping Capacities

Young’s modulus (herein called rod modulus), E, is determined from
longitudinal vibration, and the shear modulus, G, is determined from tor-
sional vibration. The rod and shear moduli shall be defined as the elastic
moduli of a uniform, linearly viscoelastic (Voigt model) specimen of the
same mass density and dimensions as the soil specimen necessary to pro-
duce a resonant column having the measured system resonant frequency
and response due to a given vibratory force or torque input. The stress-
strain relation for a steady-state vibration in the resonant column is a hys-
teresis loop. These moduli will correspond to the slope of a line through
the end points of the hysteresis loop. The section on calculations provides
for computation of rod and shear moduli from the measured system longi-
tudinal and torsional resonant frequencies. The energy dissipated by the
system is a measure of the damping of the soil. Damping will be described
by the rod damping ratio, Dr, and the shear damping ratio, Dr, which
are analogous to the critical viscous damping ratio, ¢/¢,, for a single-
degree-of-freedom system. The damping ratios shall be defined by

D; = 0.5(yw/E)

where

n = viscous coefficient for rod motion [N-s/m?],
w = circular resonant frequency [rad/s], and
E = rod modulus [Pascal’s].

and by
Dr = 0.5(uw/G)

where

p = viscous coefficient for torsional motion [N-s/m?], and
G = shear modulus [Pascal’s].

Values of damping determined in this way will correspond to the area of
the stress-strain hysteresis loop divided by 4x times the elastic strain energy
stored in the specimen at maximum strain. Methods for determining
damping ratio are prescribed later. In viscoelastic theory, it is common to
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use complex moduli to express both modulus and damping. The complex
rod modulus is given by

E* = E(1 + 2iDL)

and the complex shear modulus is given by

G* = G(1 + 2Dr)

Specimen Strain

For longitudinal motion, the strain, ¢, is the average axial strain in the
entire specimen. For torsional motion, the strain, v, is the average shear
strain in the specimen. In the case of torsion, shear strain in each cross
section varies from zero along the axis of rotation to a maximum at the
perimeter of the specimen, and the average shear strain for each cross
section occurs at a radius equal to two-thirds the radius of the specimen.
Methods for calculating specimen strain are given later in the Calculations
section.

Apparatus Model and Constants

The rigidity and mass distribution of the resonant column shall be as
required in the following section in order for the resonant-column system
to be accurately represented by the model shown in Fig. 1. The apparatus
constants are the mass of the passive-end platen, Mp, including the mass
of all attachments rigidly connected to it; the rotational inertia of the
passive-end platen, Jp, including the rotational inertia of all attachments
rigidly connected to it; similar mass, M4, and rotational inertia, J4, for the
active-end platen and all attachments rigidly connected to it, such as por-
tions of the vibration excitation device; the spring and damping constants
for both longitudinal and torsional springs and dashpots [K;, Ksr, ADCy,
ADCY); the apparatus resonant frequencies for longitudinal vibration, fo,
and torsional vibration, for; the force/current constant, FCF, relating ap-
plied vibratory force to the current applied to the longitudinal excitation
device; the torque/current constant, TCF, relating applied vibratory torque
to the current applied to the torsional excitation device; and the motion
transducer calibration factors (LCFa, RCFa, LCFe, RCFp) relating the
transducer outputs to active- and passive-end longitudinal and rotational
motion.
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Apparatus

General

The complete test apparatus includes the platens for holding the speci-
men in the pressure cell, the vibration excitation device, transducers for
measuring the response, the control and readout instrumentation, and
auxiliary equipment for specimen preparation.

Specimen Platens

Both the active-end and passive-end platens shall be constructed of non-
corrosive material having a modulus at least ten times the modulus of the
material to be tested. Each platen shall have a circular cross section and a
plane surface of contact with the specimen, except that the plane surface of
contact may be roughened to provide for more efficient coupling with the
ends of the specimen. The diameter of platens shall be equal to or greater
than the diameter of the specimen. The construction of the platens shall be
such that their stiffness is at least ten times the stiffness of the specimen.
The active-end platen may have a portion of the excitation device, trans-
ducers, springs, and dashpots connected to it. The transducers and moving
portions of the excitation device must be connected to the platen in such a
fashion that they are to be considered part of the platen and have the same
motion as the platen for the full range of frequencies to be encountered
when testing soils. The theoretical model used for the resonant-column
system represents the active-end platen, with all attachments, as a rigid
mass that is attached to the specimen; this mass may also have weightless
springs and dashpots attached to it as shown in Fig. 1. If weightless
springs are used, the excitation device and active-end platen (without the
specimen in place) form a two degree-of-freedom system (ome-degree-of-
freedom system for devices designed for only longitudinal or only torsional
motion) having undamped natural frequencies for longitudinal motion, fu ,
and torsional motion, for. The device shall be constructed such that these
modes of vibration are uncoupled. The passive-end platen may have a mass
and transducers rigidly attached to it or it may be rigidly fixed. The pas-
sive-end platen may be assumed to be rigidly fixed when the inertia of it
and the mass(es) attached to it provide a dimensionless frequency factor
within one percent of the dimensionless frequency factor for the passive-
end inertia ratio equal to infinity. (Use Fig. 2 and the Calculations section
to get the dimensionless frequency factor.)

Vibration Excitation Device

This shall be an electromagnetic device capable of applying a sinusoidal
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longitudinal vibration or torsional vibration or both to the active-end
platen to which it is rigidly coupled. The frequency of excitation shall be
adjustable and controlled to within 0.5 percent. The excitation device shall
have a means of measuring the current applied to the drive coils that has
at least a 5 percent accuracy. The voltage drop across a fixed, temperature-
and-frequency-stable power resistor in series with the drive coils may be
used for this purpose. The force/current and torque/curtent factors for the
vibration excitation devices must be linear within 5 percent for the entire
range of operating frequencies anticipated when testing soils.

Sine Wave Generator

The sine wave generator is an electric instrument capable of producing a
sinusoidal current with a means of adjusting the frequency over the entire
range of operating frequencies anticipated. This instrument shall provide
sufficient power to produce the required vibration amplitude, or its output
may be electronically amplified to provide sufficient power. The total dis-
tortion of the signal applied to the excitation device shall be less than 3
percent.

Vibration Measuring Devices and Readout Instruments

The vibration measuring devices shall be acceleration, velocity, or dis-
placement transducers that can be attached to and become a part of the
active- and passive-end platens. On each platen, one transducer shall be
mounted to produce a calibrated electrical output that is proportional to
the longitudinal acceleration, velocity, or displacement of that platen (not
required for torsion-only apparatus). The other transducer shall be
mounted to produce a calibrated electrical output that is proportional to
the rotational acceleration, velocity, or displacement (not required for
longitudinal-only apparatus). The readout instrument and transducers
shall have a sensitivity such that a displacement of 2.5 x 10-° m (10~ in.)
and a rotation of 10-3 rad can be measured with 10 percent accuracy for
the entire range of frequency anticipated. It is also necessary to have an
x-y-time oscilloscope available for observing signal waveforms and for
establishing the system resonant frequency. This oscilloscope must have at
least one amplifier (vertical or horizontal) with sufficient gain to observe
the motion transducer output over the entire range of output voltages and
frequencies anticipated. For measurement of damping by the free-vibration
method, and for calibration of the apparatus damping, the readout instru-
ment shall be capable of recording the decay of free vibration. Either a
strip-chart recorder with appropriate response time and chart speed or an
oscilloscope and camera may be used for this purpose.
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Support for Vibration Excitation Device

For the special case where the passive end of the specimen is rigidly fixed
and the vibration excitation device and active-end platen are placed on top
of the specimen, it may be necessary to support all or a portion of the
weight of the platen and excitation device to prevent excessive axial stress
or compressive failure of the specimen. This support may be provided by a
spring, counterbalance weights, or pneumatic cylinder as long as the
supporting system does not prevent axial movement of the active-end
platen and as long as it does not alter the vibration characteristics of the
excitation device.

Temporary Platen Support Device

The temporary support may be any clamping device that can be used to
support one or both end platens during attachment of vibration excitation
device to prevent specimen disturbance during apparatus assembly. This
device is to be removed prior to the application of vibration.

Vernier Caliper

The caliper shall be suitable for measuring the physical dimensions of
the specimen to the nearest 0.25 mm (0.01 in.).

Weighing Device

The weighing device shall be suitable for weighing soil specimens as well
as weighing portions of the device during calibration. All weighings should
be accurate to 0.1 percent.

Specimen Preparation and Triaxial Equipment

These methods of test cover specimen preparation and procedures
related to the vibration of the specimen and do not cover the application
and control of ambient stresses. Any or all of the apparatus described in
ASTM Methods D 2166 or D 2850 may be used for specimen preparation
and application of ambient stresses. Additional apparatus may be used for
these purposes as required.

Miscellaneous Apparatus

The miscellaneous apparatus consist of specimen trimming and carving
tools, a membrane expander, remolding apparatus, moisture content cans,
and data sheets as required.
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Apparatus Calibration

Motion Transducers

Motion transducers shall be calibrated with each other and with an
independent method to ensure calibration accuracy within S percent.
Linear motion transducers whose axes are located fixed distances from the
axis of rotation may be used to measure rotational motion if the cross-axis
sensitivities of the transducers are less than S percent. For this case the
distance between the axis of rotation and the transducer axes shall be
known to within S percent. The calibration factors for longitudinal motion
shall be expressed in terms of peak-meters/peak-volt. The calibration
factors for rotational motion shall be expressed in terms of peak-radians/
peak-volt. This means that for velocity and acceleration transducers the
vibration frequency shall be included as a term in the calibration factor.
For velocity transducers, the calibration factors are given by

Displacement calibration factor = Velocity calibration factor/(2xf’)

where
f = frequency, Hz.

For acceleration transducers, the calibration factors are given by
Displacement calibration factor = Acceleration calibration factor/(2xf P

Thus, for velocity and acceleration transducers, the calibration factors will
not be constants but will vary with measured frequency, f. Calibration
factors for longitudinal motion are given by the symbol LCF with a sub-
script A or P denoting whether the transducer is located on the active-end
platen or passive-end platen. Likewise, the calibration factors for rotational
motion will be given by the symbol RCF and will have subscripts A or P
depending on their location.

Passive-End Platen Mass and Rotational Inertia

The mass and rotational inertia of the passive-end platen shall be deter-
mined with all transducers and other rigid attachments securely in place.
The mass, Mp, is calculated from

Mp = Wp/g

where
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We
g

The rotational inertia of the concentric solid cylindrical components of the
passive-end platen and its attachments is given by

weight of passive-end platen and its attachments, and
acceleration of gravity.

1 n

Ur) = ™ L w.d?
g it
where
W: = weight of ith solid cylindrical component,
d; = diameter of ith solid cylindrical component, and
n = number of solid cylindrical components.

Transducers and other masses attached to this platen can be accounted
for by

E "V,'r,'2

1
(Ur) = g it

where

W;: = weight of /th component,
r; = distance from the platen axis to center of mass for ith component,
and
n = number of components attached to passive-end platen and not
covered in determination of (Jp)

The total rotational inertia for the passive end is given by

Jp = Up) + Up):

Active-End Platen Mass and Rotational Inertia

The mass, M4, and rotational inertia, J4, of the active-end platen shall
be determined with all transducers and rigid attachments, including at-
tached portions of the vibration excitation device, securely in place. The
equations just given may be used to obtain the mass and rotational inertia.
For rotational inertia, if all components do not have simple geometry, an
alternative procedure that involves a metal calibration rod of known tor-
sional stiffness may be used. One end of the rod shall be rigidly fixed and
the other end shall be rigidly fastened to the active-end platen. Since it
may be very difficult to fasten the calibration rod to the platen without
adding rotational inertia, it is recommended that the calibration rod be
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permanently fastened by welding, etc., to an auxiliary platen. If the auxil-
iary platen is not identical to the one to be used in testing, the difference
between its rotational inertia and that of the platen for soil testing must be
taken into account by use of aforementioned equations. (For example, sup-
pose that the value of the active-end rotational inertia with the calibration
rod was J1 and the rotational inertia of the calibration rod platen was J2. If
the rotational inertia of the platen for testing soil is J3, then the value of
J4 would be given by J4 = J1 — J2 + J3.) The torsional stiffness of the
calibration rod should be chosen such that the system resonant frequency
with the calibration rod in place is near the middle of the range of system
resonant frequencies anticipated for soil testing. Several calibration rods
may be necessary to account for different specimen sizes. With the calibra-
tion rod in place, determine the low-amplitude system resonant frequency
for torsional vibration, (fwa)r. The rotational inertia of the active end pla-
ten system is calculated from

I, = (K rod)T
27 [(froa)r? — for?]
where
(K.a)r = torsional stiffness of calibration rod,
= (I,G)/L,
1, = polar moment of inertia of calibration rod,
= (wd*)/32,
d = calibration rod diameter,
G = shear modulus for calibration rod material, and
for = apparatus torsional resonant frequency as described in the fol-

lowing subsection.

The foregoing equations assume that the rotational inertia of the calibra-
tion rods is much less than the corresponding values for the active-end
platen system. A second alternative procedure is to couple the metal cali-
bration rod to the platens in place of the specimen and then use the proce-
dures of the Calculations section to backfigure the active end inertias from
the known moduli of the rod.

Apparatus Resonant Frequencies, Spring Constants, and Damping
Constants

Apparatus resonant frequencies and spring constants are defined only
for those apparatus that have springs attached to the active-end platen sys-
tem. To determine the resonant frequencies, set up the apparatus com-
plete with active-end platen and O-rings but no specimen. Vibrate at low
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amplitude and adjust the frequency of vibration until the input force is in
phase with the velocity of the active-end platen system. For longitudinal
vibration, this apparatus resonant frequency is fu« and for torsional vibra-
tion it is for. The longitudinal and torsional apparatus spring constants
(K, Ksr) may be calculated from

Kg = (27rfuL)2 M,
Ksr = Qnfor)?*Ja

where M4 and J4 are defined in the previous subsection.

To measure the damping constants for the apparatus, attach the same
masses as used for the determination of apparatus resonant frequencies.
For apparatus without springs attached to the active-end platen, insert the
calibration rod described in the previous subsection. With the apparatus
vibrating at the resonant frequency, cut off the power to the excitation de-
vice and record the decay curve for the vibration of the apparatus. From
the decay curve, compute the logarithmic decrement, §, as follows

1 A,
6 = p In .
where
A; = amplitude of vibration for first cycle after power is cut off, and
A,, = amplitude for (n + 1)th cycle.

The apparatus damping coefficient, ADCr, from longitudinal vibration
shall be given by

ADCL = 2fi M6,

where
J1 = longitudinal motion resonant frequency measured during appara-
tus damping determination,
M, = active-end platen mass from previous subsection, and
81 = logarithmic decrement for longitudinal motion.

For torsional motion, the apparatus damping coefficient, ADCr, is given
by

ADCyr = 2frJaér

where
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fr = torsional motion resonant frequency measured during apparatus
damping determination,

J4 = active-end rotational inertia from previous subsection, and

&r = logarithmic decrement for torsional motion.

Force/Current and Torque/Current

For apparatus without springs attached to the active-end platen, insert
the calibration rod as described earlier. Determine the resonant fre-
quency of this single-degree-of-freedom system consisting of the active-end
platen and apparatus spring (or calibration rod) by use of the same proce-
dure as described later in the Procedures section. Then set the frequency to
0.707 times the resonant frequency and apply sufficient current to the vi-
bration excitation device so that the vibration transducer output to the
readout device has a signal of at least ten times the signal due to ambient
vibrations and electrical noise when no power is applied to the excitation
device. Read and record the output of both the vibration transducer and
the current measuring instrument. Next, set the frequency to 1.414 times
the system resonant frequency and obtain the vibration transducer and cur-
rent instrument readings in a similar fashion to those at 0.707 times the
resonant frequency. Calculate C; and C; from

C = (VTCF) (TO1)
P 2(CR1)
C, < (VICF) (TO2)
? = CR2
where
VTCF = active-end vibration transducer calibration factor (LCF or RCF)

depending on whether vibration is longitudinal or torsional,
TO1 = active-end transducer output at 0.707 times resonant frequency,
CR1 = current instrument reading at 0.707 times resonant frequency,
TO2 = active-end transducer output at 1.414 times resonant frequency,
and
CR2 = current instrument reading at 1.414 times resonant frequency.

C; and C, should agree within 10 percent. By use of C; and C, from longi-
tudinal vibration, the force/current calibration factor, FCF, is obtained
from

FCF = 0.5(Cy + (1)K
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where

K = apparatus spring constant (or for apparatus without springs, the
calibrating rod spring constant) for longitudinal motion.

By use of C; and C: from torsional vibration, the torque/current calibra-
tion factor, TCF, is obtained from

TCF = 0.5(C: + C))K

where

K = apparatus spring constant (or for apparatus without springs, the
calibrating rod spring constant) for torsional motion.

Test Specimens

General

These methods cover only the special specimen preparation procedures
related to the vibration and resonant-column technique. Since the
resonant-column test may be conducted in conjunction with controlled
ambient stresses, the provisions for preparation of specimens in ASTM
Methods D 2166 or D 2850 may be applicable or may be used as a guide in
connection with other methods of application and control of ambient
stresses.

Specimen Size

Specimens shall be of uniform circular cross section with ends perpendi-
cular to the axis of the specimen. Specimens shall have a minimum
diameter of 33 mm (1.3 in.). The largest particle contained within the test
specimen shall be smaller than one tenth of the specimen diameter except
that, for specimens having a diameter of 70 mm (2.8 in.) or larger, the
largest particle size shall be smaller than one sixth of the specimen diam-
eter. If, after completion of a test, it is found that larger particles than per-
mitted are present, indicate this information in the report of test data
under ““Remarks.” The length-to-diameter ratio shall be not less than 2
(this may be changed to 1 for torsional vibration only) nor more than 7
except that, when an ambient axial stress greater than the ambient lateral
stress is applied to the specimen, the ratio of length to diameter shall be
between 2 and 3. Measure the length at three locations and average the
values. Measure two diameters at each of three elevations and average the
values. Determine the weight of the test specimen. For determination of
moisture content [ASTM Test for Laboratory Determination of Moisture
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Content of Soil (D 2216-71)], secure a representative specimen of the
cuttings from undisturbed specimens, or of the extra soil for remolded
specimens, placing the specimen immediately in a covered container.

End Coupling for Torsion

For torsional motion, complete coupling of the ends of the specimen to
the specimen cap and base must be assured. Complete coupling for torsion
may be assumed if the mobilized coefficient of friction between the end
platens and the specimen is less than 0.2 for all shear strain amplitudes.
The coefficient of friction is approximately given by

Coefficient of friction = yG/o,

where
v = shear strain amplitude (see Calculations section),
G = shear modulus (see Calculations section), and
o, = effective axial stress.

When this criterion is not met, other provisions such as the use of adhe-
sives must be made in order to assure complete coupling. In such cases,
the effectiveness of the coupling provisions shall be evaluated by testing
two specimens of the same material but of different length. The lengths of
these specimens shall differ by at least a factor of 1.5. The provisions for
end coupling may be considered satisfactory if the values of the shear
modulus for these two specimens of different length do not differ by more
than 10 percent.

Procedure

Test Setup

The exact procedure to be followed during test setup will depend on the
apparatus and electronic equipment used and on methods used for applica-
tion, measurement, and control of the ambient stresses. However, the
specimen shall be placed in the apparatus by procedures that will minimize
the disturbance of the specimen. Particular care must be exercised when
attaching the end platens to the specimen and when attaching the vibra-
tion excitation device to the platens. A temporary support as discussed
earlier may be needed. For cases where ambient isotropic stresses are to be
applied to a membrane-enclosed specimen, liquid- or air-confining media
may be used for dry or partially saturated specimens. For tests where com-
plete saturation is important, a liquid-confining medium should be used.
Where the vibration excitation device is located within the pressure



106 DYNAMIC GEOTECHNICAL TESTING

chamber, an air-liquid interface is acceptable as long as the liquid covers
the entire membrane that encloses the specimen.

Electric Equipment

Connect the vibration excitation device to the sine wave generator (with
amplifier, if required). The power supplied to the vibration excitation
device should be very low in order not to exceed the amplitude of vibration
prescribed later. Connect the vibration transducers to the readout instru-
ments for the type of motion (longitudinal or torsional) to be applied.
Adjust the readout instruments according to the instruction manuals for
these instruments.

Measurement of Resonant Frequency

The procedure for measuring system resonant frequency is the same for
both longitudinal and torsional vibration except that the longitudinal
motion transducer is used for longitudinal motion and the rotational
motion transducer is used for torsional motion. If the passive end is fixed
or if P > 100 (see the Calculations section for definition of P), motion of
the active-end platen is used to establish resonance. Otherwise, motion of
the passive-end platen is used. With the power as low as practical, increase
the frequency of excitation from a very low value (for example, 10 Hz) until
the system resonant frequency is obtained. The phase relationship describ-
ing resonance can be established by observing the Lissajous figure formed
on an x-y oscilloscope with the voltage proportional to the driving current
applied to the horizontal amplifier and the output from the transducer ap-
plied to the vertical amplifier. If a velocity transducer is used for vibration
measurement, the system resonant frequency occurs when the figure
formed is a straight, sloping line. If a displacement or acceleration trans-
ducer is used, the frequency should be adjusted to produce an ellipse with
axes vertical and horizontal. (Refer to the Definitions section to establish
which resonant frequency should be recorded.) It is recommended that the
frequency be measured with a digital electronic frequency meter and be
recorded to at least three significant figures. The system resonant
frequency for longitudinal motion shall be designated f; and that for tor-
sional motion shall be designated fr.

Measurement of Strain Amplitude

The strain amplitude measurements shall be made only at the system
resonant frequencies. Thus, for a given current applied to the excitation
device, the vibration motion transducer outputs recorded at the system res-
onant frequency give sufficient information to calculate strain amplitude.
To increase or decrease strain amplitude, the current to the vibration exci-



DRNEVICH ET AL ON RESONANT-COLUMN METHOD 107

tation device must be increased or decreased. After making a change in
current applied to the vibration excitation device, the procedure of the
previous subsection must be followed to establish the corresponding system
resonant frequency before the transducer outputs can be used to establish
the new strain amplitude value.

Measurement of System Damping

Associated with each strain amplitude and system resonant frequency is
a value of damping. Two methods are available for measuring system
damping: the steady-state vibration method and the amplitude decay
method. Theoretically, both methods should give identical results. In prac-
tice, results of each method are usually close to each other. The steady-
state method is easier and quicker. It is generally always used and the
amplitude decay method is used for occasional spot-checking. The proce-
dures for both methods are independent of whether longitudinal or tor-
sional motion is under consideration. For the steady-state method, the
active-end or the passive-end vibration transducer output (depending on
which end is used to establish resonance) and the current applied to the
vibration excitation device must be measured at each resonant frequency.
The calculations are outlined in the following section. For the free-vibra-
tion method, with the system vibrating at the system resonant frequency,
cut off the power to the vibration excitation device and record the output of
the transducer used in establishing resonance as a function of time. This
gives the decay curve for free vibration. The calculations for damping are
also outlined in the following section.

Calculations

General

Calculations require the apparatus calibration factors and the physical
dimensions and weight of the specimen. In addition, for each ambient
stress condition, one data set is required for each vibration strain
amplitude. A data set consists of the type of vibration (longitudinal or tor-
sional), duration of vibration (this time can be used to calculate the
number of vibration cycles), system resonant frequency, active- or passive-
end transducer outputs (depending on which end is used to establish
resonance), the reading associated with the current applied to the vibra-
tion excitation device, and the free-vibration amplitude decay curve (if the
amplitude decay method of measuring damping is also going to be used).

Soil Mass Density

The soil mass density, p, is given by
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where

W = total weight of specimen,
V = volume of specimen, and
g = acceleration of gravity.

Specimen Rotational Inertia

The specimen rotational inertia about the axis of rotation is given by

wd?
8¢

where

d = diameter of specimen.

Active-End Inertia Factors

The active-end inertia factor for longitudinal motion, T, is calculated
from

where

M, = mass of active-end platen system as calculated earlier,
for = apparatus resonant frequency for longitudinal motion (for appara-
tus without springs attached to the active end platen, this term is
zero), and
JfL = system resonant frequency for longitudinal motion.

The active-end inertia factor for torsional motion, T'r, is given by

- (6]

where
Ja = rotational inertia of active-end platen system as calculated earlier,
J = specimen rotational inertia as calculated earlier,
for = apparatus resonant frequency for torsional motion (for apparatus
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without springs attached to the active-end platen, this factor is
zero), and
fr = system resonant frequency for torsional motion.

Passive-End Inertia Ratios

For longitudinal motion, the passive-end inertia ratio, Py, is given by

M,g
w

P, =

where
M, = mass of passive-end platen system as described earlier.
For torsional motion, the passive-end inertia ratio, Pr, is given by

I»
J

Pr =

where
Jr = rotational inertia of passive-end platen system as calculated earlier.

For the special case where the passive end of the specimen is rigidly fixed,
P, and Pr are equal to infinity.

Apparatus Damping Factors
For longitudinal motion, the apparatus damping factor, ADFy, is cal-
culated from

ADF1. = ADC./[2nfL(W/g)]

where

ADC; = apparatus damping coefficient for longitudinal motion as de-
scribed earlier.

For rotational motion, the apparatus damping factor, ADFr, is calculated
from

ADFr = ADCr/[2xfrJ]

where

ADCr = apparatus damping coefficient for torsional motion as
described earlier.
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Dimensionless Frequency Factor

The dimensionless frequency factor, F, is used in calculating modulus. It
is a function of system factors 7, P, and ADF and of specimen damping
ratio, D. Values of F are provided by the computer program in the Appen-
dix, which is written in FORTRAN IV. For cases where ADF is zero and
specimen damping ratio is less than 10 percent, values of F can be ob-
tained from Fig. 2. Figure 2b is similar to Fig. 2a except that the range of
T is different. This figure is independent of which end of the specimen is
used to determine resonance.
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FIG. 2b—Dimensionless frequency factors.
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Magnification Factors

These factors are used in calculating damping. For longitudinal motion,
the magnification factor is calculated from

MMF,; = [(LCF)XLTO)/(FCFXCR)W/g)2nf.)?

where

LCF

longitudinal motion transducer calibration factor for transducer
used in establishing resonance,

LTO = longitudinal motion transducer output of transducer used in es-
tablishing resonance,

force/current factor given earlier, and

current reading to longitudinal excitation system.

FCF
CR:

For torsional motion, the magnification factor is calculated from

MMF; = [(RCFXRTO)/(TCFXCRr)VQ2nfr)?

where

RCF = rotational transducer calibration factor for transducer used in
establishing resonance,

rotational transducer output for transducer used in establishing
resonance,

TCF = torque/current factor given earlier, and

CRr = current reading to torsional excitation system.

RTO

Moduli

The rod modulus is calcualted from

E = pQ2xL)? (fi/FL)?

where
p = specimen mass density given earlier,
Ji = system resonant frequency for longitudinal motion given earlier,
F, = dimensionless frequency factor given earlier, and

L = specimen length.
The shear modulus is calculated from

G = p(2xL)? (fr/Fr)?
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where
Jr = system resonant frequency for torsional motion given earlier, and
Fr = dimensionless frequency factor given earlier.

Strain Amplitude

The average rod strain amplitude, ¢, for longitudinal vibration shall be
calculated from

€ = (LCFXLTOXSF/L)

where
LCF = longitudinal motion transducer calibration factor for the trans-
ducer used in establishing resonance,
LTO = longitudinal transducer output for the transducer used in es-
tablishing resonance,
SF = strain factor calculated by program in the Appendix or, for

cases of ADF = 0 and specimen damping equal to 10 percent,
it may be obtained from Fig. 3. For other values of specimen
damping ratio, values from Fig. 3 are only approximately cor-
rect. (Note that Fig. 3a is for the case where resonance is es-
tablished by phase measurement between input force and motion
at the active end and Fig. 3b is for the case where resonance is
established by phase measurement between input force and mo-
tion at the passive end), and
L = specimen length.

For torsional motion, the average shear strain amplitude, vy, shall be cal-
culated from

v = (RCFYRTOXSF)d/(3L)]

where

RCF = rotational motion transducer calibration factor for transducer
used in establishing resonance,
RTO = rotational transducer output for transducer used in establishing
resonance,
SF = strain factor determined in same manner as described for rod
strain amplitude, and
d = specimen diameter.

Damping Ratio from Steady-State Vibration

If the computer program in the Appendix is used, the damping ratio of
the specimen is established as part of the output. Manual calculation of
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FIG. 3a—Strain factors for resonance determined from motion at active end.

damping ratio may be done for cases where the apparatus damping factor,
ADEF, is zero or may be assumed to be zero (definition of ADF given
earlier). The procedure requires that Fig. 4a be used if resonance is estab-
lished by phase measurement between input force (or torque) and the longi-
tudinal (or rotational) motion at the active-end platen. Figure 4b is used
for the case where resonance is established by phase measurement between
the input force (or torque) and the longitudinal (or rotational) motion at
the passive-end platen. The damping ratio, D, is calculated from

D = 1/[A(MMF)]

where

RN
[

= value from Fig. 4, and

MMF = magnification factor given earlier.
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Damping ratios obtained from longitudinal vibration are not the same as
damping ratios obtained from torsional vibration. Subscripts L and T
should be used to relate the damping ratios to the type of vibration used ir
their determination.

Damping Ratio from Free Vibration

This procedure is theoretically exact for apparatus where the passive e..d
can be assumed to be rigidly fixed. For the cases where the passive end is
not rigidly fixed, irrespective of which end of the specimen is used in es-
tablishing resonance, tlis method is approximate. The same transducer
that is used to determine resonance must be used to obtain tlie amplitude
decay curve. For the case where resonance is established by use of the
passive transducer, values of T and P should both be gre: ter than 10 when
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amplitude decay is used. For apparatus where the active-end platen is re-
strained by a spring, a system energy ratio must be calculated. For other
apparatus, this factor is zero. For longitudinal motion, this ratio is
calculated from

F;, Fr = dimensionless frequency factors for longitudinal and torsional



116 DYNAMIC GEOTECHNICAL TESTING

A ——
- 000, bt 2000.
/
EO——— 1000.
— ] 500.
= —
————— 100,
! / Ap
— - 50.
o 20.
— | — P —— e ey

: 1 10.
E ]
V t D<O.l —-4‘ 5
__l/ ADF=0 i
/ $ - 2.

| T ) ATl““ | P [ |

0l 02 05 I. 2 5 I0.20. 50. I00.200. 500. 000
T
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Compute the system logarithmic decrement from the free-vibration decay
curve (as obtained in the previous section) from

8 = (1/n)In (A,/A,,,)

where
A = amplitude of vibration for first cycle after power is cut off,
A,y = amplitude of vibration for (n + 1)th cycle of free vibration, and
n = number of free vibration cycles which must be 10 or less.

Finally, calculate the damping ratio from

D = [5,(1 + §) — $8]/(2x)
where

D = D; or Dr depending on whether vibration is longitudinal or tor-
sional,
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6s = 84 or &,r depending on whether vibration is longitudinal or tor-
sional,

§ = §1 or St depending on whether vibration is longitudinal or torsional,
and

8 = &, or §r, apparatus logarithmic decrement given earlier.

Report

General

The report shall include characteristics of the apparatus, specimen, am-
bient test conditions, and the results for each data set.

Apparatus Characteristics

The following apparatus characteristics shall be included: apparatus
name, model number, and serial number; active-end and passive-end
masses and rotational inertias (M4, Mp, J4, Jp); longitudinal and torsional
apparatus resonant frequencies (fo , for); longitudinal and torsional appa-
ratus logarithmic decrements (8., 6r); the force/current and torque/cur-
rent constants (FCF, TCF); and the applicable motion transducer calibra-
tion factors (LCF4, LCFp, RCF,, RCFp). (Note that if the passive end is
fixed, inertias and transducers are not needed for the passive end.
Likewise, if only one type of motion, longitudinal or torsional, is used, then
only factors and inertias for that type need be given.)

Specimen Characteristics

A visual description and origin of the soil shall be given, including
name, group symbol, and whether undisturbed or remolded. Initial and
final specimen weight, dimensions, void ratio, water content, and degree of
saturation shall also be given. Specimen preparation procedures and test
setup procedures should be outlined.

Ambient Test Conditions

A complete description of the ambient stress conditions shall be given,
including total stresses and pore water pressures, drainage conditions,
and the procedures used to measure applied stresses, pore pressures,
length change, and volume change.

Results for Each Data Set

For each data set, the following items shall be reported: approximate
time of vibration at this strain amplitude, cell pressure, back or pore pres-
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sure, axial stress, specimen length and volume, type of vibration, system
resonant frequency, strain amplitude, modulus, and damping ratio.

APPENDIX

C. COMPUTER PROGRAN FOR RESOSANT COLUNN DATA REDUCTION RCP
C RCP
c ]CP
Commmmmm o e ~DEFINITIONS OP INPUT-OUTPUT VARIABLES—~~~--=---== RCP
c RCP
Y J APPARATUS DAMPING PACTOR (ADF > 0.) RCP
c D SPECINEN DANPING RATIO {0.01% < D < 35%) RCP
¢ EPSD ERROR CRITERION POR D (DEPAULT VALUE: 0.0001) RCP
c EPSP ERROR CRITERION POR P (DEFAOLT VALUE: 0.01) RCP
c r PREQUENCY PACTOR RCP
c ITERD MAXINUNM HUNBER OF ITERATIONS ALLOWED POR D (DEPAULT RCP
c VALUE: 40y RCP
c ITERFP MAXINUN NUMBER OF ITERATIONS ALLOWED FOR P (DEPAULY RCP
¢ VALUE: 49) RCP
c Je INDICATOR OF END WHERE MEASUREMENTS WERE TAKEN: 7CP
¢ JPA = 0 FOR NEASURENENTS AT THE ACTIVE END; RCP
c JPA = 1 POR SEASURENENTS AT THE PASSIFE END, RCP
c =NF NODIFIED HAGNIFICATION FACTOR (MMF > 0.} RCP
c e PASSIVE-END INERTIA RATIO (P > O.; IP JPA = O, THEN RCP
c P > 100, ARD P > T) RCP
c sp STRAIN PACTOR RCP
c T ACTIVE-END INERTIA PACTOR (T > -10.) RCP
[ RCP
Qo mmmm e e e e —m B e ----BCP
c RCP
c GIVEN VALUES OF T, P, ADF, NMP, AND JPA, THIS PROGRAM CALCU-  RCP
C LATES VALUES OF F, D, ABD SF ASD SILL PRINT VALUES OF ALL THESE RCP
C  PARANETERS. RCP
C RCP
C-w=some—ecemo=o-DATA INPUT INSTRUCTIONS=~~~-<-=- B ~RCP
RCP

VALOES OF EPSF, ITERF, EPSD, AND ITERD SAY BE SPECIPIED ON TBE RCP

FIRST DATA CARD ACCORDING TO THE PORNAT 2(F10.0,7X,I3). THESE RCP
PARANETERS ARE REQDIRED IN THE ITERATIVE SOLUTION PROCEDORE TO CON- RCP
TROL ACCURACY AND LIMIT THE NUMBER OF ITERATIONS. THIS DATA CARD RCP
MAY BE LEPT BLANK IP THE USER CHOOSES TO USE THE DEPAULT VALUES RCP
SPECIFIED BY THE PROGRAM. (SEE THE LIST OF DEPINITIONS OP INPOT- RCP

OR TO CHECK RESULTS OBTAINED WITH THE DEFAULT VALUES, SMALLER ¥ALUES
OF ITERF AND ITERD SHOULD BE USED. (HOWEVYER, IN SONE CASES OF LARGE
APPARATUS DAMPING, ACCURATE CALCOULATIOS OP D YS IMPOSSIBLE.)

EACH SUBSEQUENT DATA CARD SHOULD CONTAIN A VALUE OF EACH OF THE
PARAMETERS P, T, ADP, %AF, AND JPA ACCOBDING TO THE FORNAT 4F10.0,
9X,I1. THUS, EACH OF THESE CARDS CORRESPONDS TO ONE SET OF EXPERI-~
MENTAL TEST DATA. SEE THE LIST OF DEFINITIONS OF INPUT-OUTPOT
VARIABLES POR THE RANGES OF THESE VARIABLES ALLOWED BY THE PROGRAN.
THE DATA CARDS SHOULD BE TERAINRATED WITH A BLANK CARD.

nonNnNaoanoaonnNanNnnNaaNaananNnann

DIMENSION C(4),0P(11)
REAL MNF,XHPCAL
INTEGER OD
COXNON /VALS/P,T,ADF,NNF,JPA,ANP,D,F /DLIN/DL,DR
COXMON /ALARN/KALARR /EPSIT/EPS?,ITERF,EPSD,ITERD
COMNOB /PAR/PL,QL,C
CONNON /CRIT/ANFCAL, PHASE
EXTERNAL DELANP
1000 PORMAT (4#10.0,9X,11)
1005 FORNAT (2 (F10.0,7X,13))
1110 FORMAT(49H # & *# ¢« * U AR NI NG #* ® # ® #  PpOSSIBLY,
1 239 NOT ENOUGH ITREATIONS )}
1115 PORNAT (504 To OBTAIN SPECIFIED ACCURACY POR D WITH THE ABOVE,
1 18H PARANETER VALUES.)
1117 PORNAT (30F TRY A LABGER VALUE OF ITERD.)
1120 PORNAT (465 = » * * & E R ROR * * % & & THE VALOE,
1 194 OF D FOR THE ABOVE)
1125 PORMAT (46 PARAABTERS LIES DOUTSIDE THE ALLOWABLE RANGE, ,
1 1480.001 To 0.3S.)

OOJTPUT VARIABLES.) THE DEFAOLT VALOES WILL GIVE GOOD RESULTS IN MOSTRCP
CASES INVOLVING SMALL APPARATUS DAMPING. PFOR LARGE APPABRATUS DANPINGRCP

RCcp
RCP
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RCp
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1

I87) RCP

1160 FORMAT (314 THE BRROR CRITERION POR D IS, E12.2/) : To3 4
1170 PORMAT (52H THE MAXINUM NUNBER OF ITERATIONS ALLOWED POR D IS, RCP
1 1a8/7/7/) RCP
1210 PORMAT (5X, 1HT,9X, 1HP,8X, 3HADP,6X,3HAEP,0X, 3AIPA, IX, T1HP,8X, 2HDX, RCP
1 8X,2ASF,6X,9HNAF (CALT) , 3X,5HPHASE,) RCP
1220 FORNAT (3(1X,P9.8),1X,F9.5,1X,I1,2(1X,P9.6),1X, 1PE%.3, RCP
1 2(1X,0PP9.5)) RCP
1230 PORNAT (53R * ¢ ¢ ¢ ERBOR s P NUST BE .GE.0.) RCP
1240 PORMAT (S0H * * & ¢ » ERROR LR A IP(JPA.EQ.0) , RCP
1 19H p WOST BE .GE.100.) RCP
1250 PORMAT (S50H ¢ * ¢ ¢ = ERROR L A IF(JPA.RQ.0) , RCP
1 178 P NUST BE .GE. T) RCP
1260 FORMAT(SS5H ¢ ¢ & & & ERROR L R T MOUST BE .GE.-10.) RCP
1270 PORNAT(SSR ¢ ¢ ¢ ¢ ¢ P RROR L ADF NUST BE .GE.0.) RCP
1280 PORMAT(S4H * *= = ¢ ¢ ERROR L AR 4 MF NUST BE .GT.0.) RCP
1310 FORNAT (49H ¢ * + ¢ » HARNIUDNG * 5% POSSIBLY, RCP
R 23H NOT ENWOUGH ITERATIONS ) RCP
1315 PORNAT (508 TO OBTAXN SPECIPIRD ACCURACY POR P WITH THE ABOVE, RCP
1 12H PARANETERS.) RCP
1317 FORNAT (30H TRY A LARGER VALUE OF ITERY.) RCP
1320 PORMAT(4BH * ¢ ¢ ¢ ¢ ERROR * e s s THERE IS NO, RCP
1 10H RESONMANCE) RCP
1330 FORMAT(S51H (DISPLACEMENT ONE-QUARTER CYCLE OUT OF PHASE WITH, RCP
1 19H PORCING PUNCTION) ) RCP
1340 PORMAT (25 FPOR THE ABOYE PARANETERS) RCP
1350 PORMAT(S51H & = = * =» ¥WARNIDNG * s s e BECAUSE OF, RCP
1 16H LARGE APPARATUS) RCP
1360 PORMAT (49H DANPING, THE CALCOULATED AWPLITOUDE IS RELATIVELY, RCP
1 158 INSENSITIVE TO) RCP
1365 PORMAT (494 SPECIMEN DAMPING. CONSEQUENTLY, THE CALCULATED, RCP
1 174 SPECINEN DAKPING) RCP
1367 PORNAT (37H RATIO ABOYE MAY BE VERY INACCURATR.) RCP
SET INPUT AND OUTPUT DEVICE CODRS RCP
ID = 5 RCP

on = 6 RCP

READ (ID, 1005) EBPSF,ITERF,EPSD, ITERD RCP
IF(EPSD. 2Q.0.) BPSD = 1.E-U4 RCP

IF (ITERD.EQ.0) ITERD = &0 RCP

IF (BPSP.EQ.0.) EPSF = 1.B-2 RCP
IF(ITERF.EQ.0) ITERF = 40 RCP
WRITE(OD,1140) EPSP RCP
WRITE (OD,1150) ITERF RCP
WRITE(OD, 1160) EPSD RCP
WRITE(OD,1170) ITERD RCP
WRITE(0D,1210) RCP

10 READ(ID, 1000) T,P,ADP,HNF,JPA RCP
IF (AAF.EQ.0.) GO TO 190 RCP

MAL = 0 RCP

IF (P.3E.0.) GO TO 20 RCP
BKAL = MAL + 1 RCP?
IF(MAL.EQ.1) WRITE(OD,1220) P,T,ADF,MAF,JPA RCP
WRITE (0D,1230) RCP
20 IF (JPA.EQ.1.0R.P.GE. 100.) GO TO 30 RCP
MAL = HAL + 1 RCP

IF (MAL.FQ.1) WRITE(OD,1220) P,T,ADF,MMF,JPA RCP
WRITE(OD, 1210) RCP
30 IF (JPA.EQ.1.0R.T.LE.P} GO TO 40 RCP
MAL = MAL + 1 RCP

IF (MAL.EQ.1) WRITE(OD,1220) P,T,ADF,EMF,JPA RCP
WRITE(OD,1250) RCP
40 IF (T.GE.~-10.) GO TO 50 RCP
MAL = WAL + 1 RCP

IF (MAL.EQ.1) WRITE(OD,1220) P,T,ADF,HHF,JPA RCP
WRITE (0D, 1260) RCP
50 IF(ADF.GE.0.) GO TO 60 RCP
MAL = MAL + 1 RCP

IF (MAL.EQ.T) WRITE(OD,1220) P,T,ADP,MMNF,JPA RCP
WRITE(O0D,1270) RCP

60 IF (A¥F.GT.0.) GO TO 70 RCP
MAL = MAL + 1 RCP

IF (MAL.EQ.1) ®RITE(OD,1220) P,T,ADF,NHF,JPA RCP
WRITE(OD,1280) RCP

70 IF(MAL.NE.O) G0 TO 10 RCP
KALARM = 0 RCP
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PL = 0.0001 RCP 0150
bR = .35 RCP 0151
CALL RTXI2(D,AMPDEL, DELAMP,DL,.DR,EPSD, ITERD, IER} RCP 0152
IF (KALARE.NE.1) GO To 80 RCP 0153
FAL = MAL + 1 RCP 0154
IF (MAL.EQ.1) WRITE(OD,1220) P,T,ADF,MNF,JPA RCP 0155
WRITE (0D, 1320) RCP 0156
WRITE(OD,1330) RCP 0157
WRITE{(OD, 1340) RCP 0158
GO To 10 RCP 0159
80 IF(IER.NE.2) GO TO 90 RCP 0160
MAL = NAL + 1 RCP 0161
IF (MAL.PQ.1) WRITE(OD,1220) P,T,ADF,NMNF,JPA RCP 0162
WRITE(OD,1120) RCP 0163
WRITE(OD, 1125) RCP 0164
GO0 TO 10 RCP 0165
90 CONTINUE RCP 0166
po 180 TI=1,11 RCP 0167
IR = (I-1)/10. RCP 0168
QLX = QL*IR RCP 0169
PLXY = PL#*XR RCP 0170
CC = COSH(QLX) *COS (PLX) RCP 0171
SC = SINH(QLX)*COS (PLX) RCP 0172
S5 = SINH(QLX)*SIN (PLX) RCP 0173
CS = COSH(QLX) #SIN{PLX) RCP 0178
UP(I) = C(1)*(-PL¥CS+QL*SC) + C(2) *(~PL*SS+QL%¥CC) + RCP 0175

1 C(3)* (PL*SC+QL*CS) + C(U) *(PL*CC+QL*SS) RCP 0176
180 CONTINUE RCP 0177
GAN = (UP(1) +UP (11)+U. % (UP (2) +UP (3) +UP (6) +UP (B) +UP(10)) RCP 0178

1 +2.%(UP{3)+UP(5)+UP (7)+UP (9))) /30. RCP 0179
SF = ABS (GAN®F*42/MMF) RCP 0180

D = D*100. RCP 0181
WRITE(0D,1220) T,P,ADF,MMF,JPA,P,D,SF,HMFCAL,PHASE RCP 0182
IF (IER.NE.1) GO TO 110 RCP 0183
WRITE (OD,1110) RCP 0184
WRITE(OD,1115) RCP 0185
WRITE(OD,1117) RCP 0186

110 IF (RALARM.NE.2) GO To 120 RCP 0187
WRITE(OD, 1350) RCP 07188
WRITE(OD,1360) RCP 0189
WRITE (OD,1365) RCP 0190
WRITE(OD,1367) RCP 0191

120 IF (RALARM.NE.#) GO TO 140 RCP 0192
WRITE(0D,1310) RCP 0193
WRITE(OD,1315) RCP 0194
WRTTE(0D,1317) RCP 0195

140 CONTINUE RCP 0196
Go T0 10 RCP 0197

190 stoP RCP 0198
END RCP 0199

CH PR RN XL SR ER SR RN DR SR AD RCP 0200
FUNCTION DELAMP (D) RCP 0201
CREE BRI RE DS SR MR BB DG REER RCP 0202
COMMON /VALS/P,T,ADP,NHF,JPA,ANP,DD,P /DLIN/DL,DR RCP 0203
COMMON /ALARE/KALARE /EPSIT/EPSF,ITERP,EPSD, ITERD RCP 0208
EXTERNAL VFCN BRCP 0205
INTEGER OD RCP 0206
REAL NMF RCP 0207

on = 6 RCP 0208

DD = D RCP 0209
IP(T.LT.0.) GO TO 30 RCP 0210

AL = -4BSTSP - TE(T+P) - 1 RCP 0211

BR = UB*T*P + 20%(T+P) + 5 RCP 0212

CC = =U% (T+P) - 4 RCP 0213
BD2A = BB/ (2%AL) RCP 0214

¥ = SQRT (12% (~BD2A-SQRT (BD2A#%2-CC/AAR))) RCP 0215

FL = .B*P RCP 0216

FR = 1.2%F RCP 0217

G0 TO 60 RCP 0218

30 IF(T.LT.-.1) GO TO #0 RCP 0219
PL = 1.4 RCP 0220

FR = 1,5%FL RCP 0221

GO TO 60 RCP 0222

4o PL = 1,75 §CP 0223
FR = 1,S*FL RCP 0228

60 CONTINUE RCP 0225

CALL RTMI(P,V,VPCN,PL,FB,EPSP,ITERP,IER) RCP 0226
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IF (IER.NE.2) GO TO 70
FL = .99%PR

PR = 1.5%rR

IF (PL.LE.8.) GO TO 60
EALARN = 1

6o To 120

IF (IER.EQ. 1) KALARN = &
CONTINUE

¥ = VFCN (F)

A = AmpP

AN = HHF/Fes2

DELANP = A - AM

IF (D.EQ.DL) DELL = DELAMP
1F (D.EQ.DL) ANL = A

IF (D.NE.DR) GO TO 120
DELR = DELAMP

AMR = A

DIF = AML - ANR

RELDIF = DIR/ANL

IP (RELDIF.LE.0.20) KALARM = 2
CONTINUE

RETURN

END

CESRRR R RN B XXX B RE S

PUNCTION VPCN(F)

CEBERERE RERE SR SXBR RS

DINENSIOW A (8,8),C (4)

REAL MNFCAL

CONMON /VALS/P,T ,ADF,NNF,JPA,ANP,D, FP
CONNON /PAR/PL,QL,C

COMMON /CRIT/RNFPCAL, PHASE
BETA = SQRT(1.+ (2.%D)**2)

PL = FeSQRT( (BETA+1.)/2.)/BETA
QL = FSSQRT((BETA-1.)/2.)/BETA
SREQ = SINH(QL)

CSHQ = COSH(QL)

SNP = SIN(PL)

CSP = COS(PL)

CS = CSHQ®SNP

SC = SNHQ*CSP

SS = SNHQ*SNP

CcC = CSHQ®CSP

CSSC = -PL#CS + QL®SC

SSCC = -PL®SS + QL®*CC

SCCS = PL®SC + QL®*CS

CCSS = PL®CC + QL*SS

PF2 = paPee2

A{1,1) = TePss2

A(1,2) = QL - 2#pepL

A{1,3) = = ADF*F»%2

A(1,8) = PL + 2epeQL

A(2,1) = -A(1,3)

A(2,2) = -A(1,8)

A(2,3) = A (1,1)

A(2,8) = A (1,2)

A(3,1) = CSSC - 2.*D®SCCS - PF2#CC
A(3,2) = SSCC - 2.#*D*CCSS - PF2#SC
A(3,3) = SCCS + 2,%D$CSSC - PF2eSS
A(3,8) = CCSS ¢ 2.®D*SSCC - PFP2#*CS
A(4,1) = ~-x(3,3)

A(8,2) = -A(3,4)

A(%,3) = A(3,0)

A, 8) = A(3,2)

c(ny =0

c(2) = -1.

c(y =0

c(e) =0

EPS = 1.B-5

o=y

CALL GELG (C,A,NN, 1, EPS, IER, NNSNN, KN)

00 = c (1)

¥v0 = ¢ (3)

ANPLO = SQRT(DO®#2 + Y0##2)

PHASEQ = ATAN2(VO,U0)

I? (PHASEO.LT.0.) PHASEO = PHASEO + 6.283185
UL = C(1)%CC ¢ C(2)*SC + C(3)*SS + C(B)*CS
YL = C(3)%CC + C(8)#SC - C(1)*SS - C(2)*CS
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SUBROUTINE RTHI2(X,¥F,PCT,XLI,XRI,EPS,IEND,IER)
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AMPLL = SQRT (UL®%2 ¢ VL#%2)

PHASEL = ATAN2(VL,UL)

IP(JPA.EQ.0) VPCN = PHASEO - 3, 141593
IP (JPA.NE.0) VPCR = PHASEL
IP(JPA.BQ.0) ANP = ANPLO

IF (JPA.NE.O} ANP = AMPLL

MNFCAL = ANP®PSs2

PHASE = VPCN

RETURN

END

COMNON /ALARN/KALARM
IBR=0

XL=XLI

XR=YRI

X=XL

TOL=X

P=FCT (TOL)

IF (KALARN.EO.1) RETURE
IP(F)1,16,1

rL=F

X=XR

TOL=X

¥=FCT(TOL)

IP (KALARM.EQ.1) BETORN
IP (F)2,16,2

PR=F

IF (SIGN(1.,PL) +SIGR({1.,FPM)25,3,25
1=0

TOLF=100.%EPS

I=T+1

DO 13 K=1,IEND

X=.5# (XL+XR)

TOL=X

P=PCT (TOL)

IP (KALARN.EQ. 1) RETURN
IF (F)5,16,5
IF(SIGN(1.,P) +SIGH (1.,PR)) 7,6,7
TOL=XL

IL=XR

IR=TOL

TOL=FL

PL=PR

PR=TOL

TOL=F-PL

A=F*TOL

A=A+)

IP (A~FPR* (PR-7L)) 8,9, 9
IF (1-IEND} 17,17,9

IR=X

PR=F

TOL=EPS

A=ABS (IR)

IP (A-1.) 11,11, 10
TOL=TOL®A

IP (ABS (XR-IL)~TOL) 12,12,13
IP (ABS (FR-PL) -TOLF) 14,14,13
CONTINUE

IBR=1

1P (ABS (PR) -ABS (FL}) 16, 16,15
X=XL

F=FL

RETURN

A=PR-F

DX= (X-XL)#PL* (1. +P*(A-TOL) /(A®* (PR-PL})) /TOL
=X

P=F

I=XL-DX

TOL=X

F=PCT (TOL)

IF (KALARN.EQ.1) RETURN
IF (F)18,16,18

TOL=EPS

A=ABS(X)

IF (A-1.) 20,20,19
TOL=TOL®A
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SUBROUTINE GELG {(R,A,N,N,EPS,IRR,NN,NN)
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IP (ABS (DX)-TOL) 21,21,22
IP (ABS (¥)~TOLF) 16,16,22
IP(SIGN(1.,F) +SIGN (1.,FL)) 24,23,24
XR=X

PR=F

GO TO #

IL=X

PL=F

XR=XNK

FPR=FPN

G0 TO &

IER=2

RETURN

BND

DINENSION A(NN), R(NN)
Ir(n)23,23,1
IER=0

PIV=0.

KER=N*Y

EN=N*R

DO 3 L=1,HN
TB=ABS (A (L))
IP(TB-PIV)3,3,2
PIV=TB

I=L

CONRTINUE
TOL=EPS*PIY
LST=1

D0 17 K=1,8
IP(PIV)23,23,4
IF (IER)7,5,7
IP(PIV-TOL)6,6,7
IER=K-1
PIVI=1,/A(I)

J= (1-1) /R
I=I-J*N-K
J=J+1-K

DO 8 L=X,NH, K
LL=L+I
TB=PIVI®*R(LL)
R(LL)=R (L)

R(L) =TB

IP (K-H)9,18,18
LEND=LST+A~-K
IP(J)12,12,10
II=J%)

Do 11 L=LST,LEXD
TB=A (L)

LL=L+II

A(L)=A (LL)
A(LL)=TB

DO 13 L=LST,HN,H
LL=L+I
TB=PIVI*A(LL)
A(LL)=A (L)
A(L)=TB

A(LST) =J

PIV=0,

LST=LST#+1

J=0

DO 16 II=LST,LEND
PIVI=-A(II)
IST=II+N

J=J+1

DO 15 L=IST,KN,K
LL=L~J
A(L)=A (L) +PIVI®*A (LL)
TB=ABS (A (L))
IP(TB-PIV)15,15,14
PIV=TB

I=L

CONTINUE

DO 16 L=K,HNN,N
LL=L#J
R(LL)=R(LL) +PIVI*R (L)
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17 LST=LST+N

18 IP (n-1)23,22,19

19 IST=RE+A
LST=0+1
Do 21 I=2,n
II=LST-I
IST=IST-L5T
L=IST-H
L=A (L) +.5
Do 21 J=II, NN, N
TB=R (J)
LL=J
DO 20 K=IST, NH,N
LL=LL+1

20 TB=TB-A(K)*R (LL)
K=J+L
R (J) =R (K)

21 R(K)=TB

22 RETURN

23 IER=-1
RETURN

END
CESEEEEEREBSEESE SR RS EBSE SR EH S SE S SR LS SRS SE S S B 6

SUBROUTINE RTMI(X,PF, FCT,KLI,XRI,2PS,IEND,IER)

CrERSA RS SEIE S SRS SRS EERR S SR S S S S SRS F SRR ER SE 66 &

w N

o

o ®

10
11
12
13

14
15

16
17

IER=0
XL=XLI
XR=XRI
1=1L
TOL=X
F=PCT (TOL)
IF (F)1,16,1
PL=F
X=XR
TOL=X
F=FCT (TOL)
IP({r)2,16,2
PR=P
IF (SIGN(1.,PL) +SIGN(1.,PR)) 25, 3,25
1=0
TOLP=100.%EPS
I=I+1
DO 13 K=1,IEND
X=.5% (XL+XR)
TOL=X
P=FCT(TOL)
IF (P)5,16,5
IP(SIGN(1.,F) +51GN(1.,PR)) 7,6,7
T0L=XL
XL=YR
XR=TOL
TOL=PL
PL=FR
PR=TOL
TOL=F-PL
A=F*TOL
A=A+A
IP (A-FR#* (PR-FL)) 8,9,9
IP (I-IBND) 17,17,9
TR=X
FR=F
TOL=EPS
A=ABS (XR)
IP (A-1.) 11,11,10
TOL=TOL*A
IF (ABS (XR-XL)-TOL) 12,12, 13
IF (ABS (PR~FL)-TOLP) 14,14 ,13
CONTINDE
IBR=1
IP (ABS (PR) -ABS (PL)) 16,16,15
X= %L
P=FL
RETURN
A=FR-F
DX=(X-XL)*FL* (1. +F*(A-TOL) /{A® (PR-FL)) } /TOL
X=X
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DRNEVICH ET AL ON RESONANT-COLUMN METHOD

PY=P

X=XL~DX

TOL=X

P=FCT(TOL)

IF (F) 18, 16,18

TOL=EPS

A=ABS (X)

IF (A-1.) 20,20,19
TOL=TOL*A

I¥ (ABS (DX) -TOL) 21, 21,22
IF (ABS (F) ~TOLF) 16, 16,22
IF (SIGN(1.,F) +SIGN (1.,FL)) 24,23,28
XR=X

PR=P

GO TO 4

xL=x

PL=P

XR=XN

FR=FX

GO TO &

IER=2

RETURN
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ABSTRACT: Laboratory tests with a Hardin oscillator were used to study the time-
dependent characteristics of the damping ratio of isotropically consolidated specimens
of kaolinite and calcium bentonite. Damping was determined using a steady-state
method and from the decay of free vibrations. After completion of primary consolidation,
the dynamic response was studied as a function of time for both drained and undrained
conditions.

The damping ratio decreased approximately 12 percent for kaolinite and 25 percent
for bentonite per logarithmic cycle of a dimensionless time ratio during secondary
compression. To evaluate the effects of time in clay soils, at least one test should be
continued to five to ten times the time at the end of primary consolidation.

Errors due to diffusion of air into the specimen were eliminated by using a mercury
jacket around the specimen. The apparatus damping constant was found to vary
significantly from test to test because of minor variations in the apparatus setup, and
hence the apparatus must be recalibrated for each test.
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Nomenclature

d Damping ratio
ds» Damping ratio determined by free vibration method
e Void ratio
G Shear modulus
T. Dimensionless time ratio
p  Viscous coefficient for shear
w Circular frequency
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The new advanced dynamic techniques for computing the response of soils
subjected to seismic forces require that the stress-strain properties of the
soil be known. These stress-strain properties are not unique for a given
soil but are functions of various other soil and load parameters. Many
studies have contributed to the understanding of shear modulus and how it
varies with material and load parameters; however, the energy-absorbing
characteristics of the soil are still not adequately understood.

The purpose of this study was to evaluate the effects of time on the
damping capacity of clay soils. It was a laboratory study of the fundamental
behavior of material properties which provides information to be used in
theories covering soil-structure interaction. The resonant-column technique
was used to study the dynamic response of two cohesive soils, a kaolinite
and a bentonite, under various test conditions. The damping ratio, d, was
determined, and is defined as

nw
d=05 G
where
u = viscous coefficient for shear,
w = circular frequency, and
G = shear modulus.

The damping ratio was studied as a function of time, void ratio, consolidation
pressure, and strain amplitude of resonant oscillation.

Materials

Two different materials were used in this investigation, kaolinite and
bentonite.

Kaolinite—The kaolinite used was Burgess Pigment No. 10, purchased
in a powdered state from the Burgess Pigment Company, Sanderville, Ga.
It has a liquid limit of 66 percent and a plasticity index of 35 percent. The
specific gravity is 2.65. Specimens were extruded through a Vac Air extruder
at an average moisture content of approximately S2 percent.

Bentonite—The bentonite used is known as Panther Creek bentonite
and was obtained from the American Colloid Company, Skokie, Ill. This
is a calcium montmorillonite, which has a liquid limit of 120 percent and
a plasticity index of 60 percent. The specific gravity is 2.72 and the water
content of extruded specimens was approximately 102 percent.

Testing Apparatus and Procedures
The values of damping ratio were determined by the steady-state method



128 DYNAMIC GEOTECHNICAL TESTING

and apparatus developed by Hardin [/].> The equipment is described by
Hardin and Music [ 2] and shown schematically in Humphries and Wahls [ 3].

In this investigation, specimens 36 mm (1.4 in.) in diameter and approx-
imately 76 mm (3 in.) long were subjected to isotropic consolidated pressures
of approximately 70, 140, 280, and 560 kPa (10, 20, 40, and 80 psi). Drained
(D) and consolidated undrained (CU) tests were conducted. When primary
consolidation was completed, steady-state sinusoidal torsional oscillation
was applied to the top of the specimen, while the bottom of the specimen
remained fixed. The test procedure is described in more detail in Marcuson
and Wabhls [4].

Damping was studied primarily by recording the current providing the
driving sinusoidal force for three vibration amplitudes, namely, 0.00015,
0.0003, and 0.0006 rad, peak-to-peak and calculating the damping ratio.
These correspond to average shear strain amplitudes of 0.0012, 0.0024,
and 0.0048 percent, respectively. For the vibration amplitudes of 0.0006
rad, free vibration damping, ds, also was determined by recording and
measuring vibration amplitude decay, after the driving force was removed.
Damping was studied as a function of time, void ratio, pressure, and am-
plitude.

In order to study the effect of time of consolidation, a dimensionless
time factor or T-ratio was used. This T-ratio, T, is defined as any time,
t, divided by the time to 100 percent primary consolidation. For this study,
all damping data were obtained when T'. was equal to or greater than one,
that is, after the completion of primary consolidation.

Effects of Mercury as a Chamber Fluid

Because the drive system of the resonant-column equipment is electrically
powered, it is mandatory that it remain dry. Thus, an air-fluid interface
must be maintained inside the triaxial cell chamber. When the cell is
pressurized with air under high pressure, air is forced into solution with
the water. During long-term tests, this air, in solution, diffuses through
the latex rubber membrane. Once inside the membrane, it is at a lower
pressure and can come out of solution. Bubbles may form and cause the
water level in the burette to change, thus indicating an erroneous volume
change. Also, the degree of saturation of the specimen may change.

The magnitude of this effect was very significant for the test durations
employed in the investigation (about one week). To alleviate this problem,
mercury was used as a substitute fluid because air does not diffuse into
mercury at the pressures used in this study. This required the same equip-
ment modification as discussed in Marcuson and Wahls [4].

The use of mercury as a chamber fluid was studied in Test 7, which was

3 The italic numbers in brackets refer to the list of references appended to this paper.
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performed on kaolinite. During this test, the specimen was consolidated
to 100 percent primary consolidation using mercury as a chamber fluid.
The specimen was then vibrated and data were recorded. Holding the cell
pressure constant, the mercury was drained out, the specimen was vibrated
in air, and data were recorded. With the pressure still constant, the chamber
was again filled with mercury and the next pressure increment was applied.
Primary consolidation at the next higher confining stress was allowed and
the foregoing procedure was repeated. This was done for pressures of 70,
140, 280, and 560 kPa (10, 20, 40, and 80 psi).

Based on the results of Test 7, which are presented in Table 1, it appears
that the damping ratio was slightly less in air than in mercury. However,
this difference was only 10 percent or less. The damping ratio cannot be
determined to such accuracy that a 10 percent or less reduction would be
significant. Therefore, the effect of mercury as a chamber fluid may be
ignored.

TABLE 1—Resulits of mercury and air calibration test.

Vibration Damping Ratio
Pressure, Void Amplitude

psi® Ratio Peak-to-Peak Mercury Air
1) 2) 3) ) 5)
10 1.281 0.0006 0.037 0.036
20 1.218 0.0006 0.032 0.030
40 1.154 0.0006 0.029 0.026
80 1.108 0.0006 0.024 0.023

“Metric conversion: 1 psi = 6.89 kPa.

Presentation and Analysis of Resuits

It was observed during the investigation that the apparatus damping
constant was very sensitive to apparatus configuration. The apparatus
logarithmic decrement sometimes changed by a factor of two between tests,
which in turn changed the damping ratio approximately 20 percent. Among
the factors that affected this change in apparatus damping were kinks or
twists in the wiring and wires in contact with the apparatus. This apparatus
sensitivity contributed to the scatter in the damping data from test to test.
This variation is not important if the data for each test are considered
separately, because the equipment remains unchanged throughout the
duration of each individual test. For this reason, damping will be discussed
in general terms, taking note of the trends that developed during each
test.
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Kaolinite

The damping data from Tests 1-4 are presented in Tables 2 through 5.
It may seem that the damping ratio decreases with increasing stiffness;
consequently, the damping ratio varies inversely with the shear modulus.
During this testing program, a decrease in void ratio corresponds to an
increase in consolidation pressure. It is not possible to isolate (decouple)
the influence of changing void ratios from the influence of changing con-
solidation pressure on the damping ratio. It is believed that the effects of
changing the consolidation pressure may be large enough to mask the effect
of changing the void ratio; however, further research is needed to clarify
this point. Consequently, no conclusions have been drawn concerning
the influence of changing void ratio on damping.

Table 6 presents the damping ratio for Test 2 in terms of percentage
of the average damping ratio for each void ratio, pressure, and time state.
The data presented in this table, which are typical of the results obtained,
show that the damping ratio generally varied less than +12 percent for
the range of strain amplitude studied.

At low pressures, damping was observed to increase with increasing
amplitude. This is attributed to the strain-softening behavior exhibited by
the soil with increasing displacement amplitude, which yields a decreasing
shear modulus and an increasing damping ratio. As the pressure increased
to the highest value considered in this study, the amplitude effect changed.
At 560 kPa (80 psi) the damping ratio was higher at the extreme amplitudes
and lower for the intermediate value, but the variation with amplitude
decreased to approximately 5 percent. This decrease in variation might be
explained by the decrease in the strain softening behavior of the soil at
560 kPa (80 psi). As the pressure was increased from 70 kPa (10 psi) to
560 kPa (80 psi), the void ratio decreased from 1.3 to 1.1 and the damping
ratio decreased from approximately 0.04 to 0.02. The decrease in the
damping ratio observed for the intermediate amplitude (0.0003 rad) is
small. This could be due to experimental error; however, the trend appears
too consistent for this.

Although the damping ratio decreased with increasing pressure, it did
not increase with the slight decrease in effective stress caused by the pore
pressure developed in the “consolidated-undrained” tests (see Tables 4 and
5). For the “‘drained” tests the overconsolidation ratio was always 1 and for
the consolidated-undrained tests the overconsolidation ratio was less than
1.15. This overconsolidation was due only to pore pressure buildup during
the test. This indicates that the preconsolidation pressure is actually the
important stress when small overconsolidation is observed.

The data determined by the free-vibration method are lower than the
values calculated by the steady-state method. This difference is greater at
lower pressures for the drained conditions. At 70 kPa (10 psi) the difference
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TABLE 6—Damping data as a percentage of average damping for kaolinite, Test 2, drained.

Damping Ratio

Average Damping Ratio

Amplitude,? rad

Peak-to-Peak
Pressure, Void Time

psi’ Ratio Ratio 0.00015 0.0003 0.0006

) V3] 3 @) &) ©)
10 1.288 1.0 95.8 88.5 115.7
1.286 4.0 92.3 91.4 116.6
1.286 7.0 89.8 95.0 114.3
1.285 13.0 90.0 96.8 113.5
1.285 25.0 90.9 96.1 113.3
1.284 40.0 92.1 95.5 112.7
1.284 70.0 91.3 95.5 112.8
20 1.241 1.0 93.5 94.6 1119
1.239 3.0 91.8 96.4 111.5
1.237 5.0 92.8 37.7 109.1
1.235 9.0 92.7 35.6 111.3
1.233 17.0 92.9 96.6 110.1
1.233 25.0 91.8 97.4 110.4
1.231 46.0 92.8 96.0 111.2
40 1.177 1.0 89.9 97.0 112.7
1.175 2.5 88.5 97.8 113.7
1.173 4.0 87.3 97.7 114.5
1.171 7.0 88.0 97.2 115.3
1.169 13.0 90.0 99.0 111.0
1.168 19.0 89.2 99.5 111.8
1.167 35.0 88.9 99.5 112.1
80 1.108 1.0 100.0 102.8 98.0
1.104 2.0 102.6 98.3 99.6
1.103 3.0 100.9 96.4 102.3
1.101 5.0 101.4 95.8 102.8
1.099 9.0 101.9 94.8 103.8
1.098 13.0 99.0 94.7 106.7
1.096 24.0 100.0 95.6 104.9

¢ Metric conversion: 1 psi = 6.89 kPa.
bThese amplitudes correspond to a shear strain amplitude of 0.0012, 0.0024, and 0.0048
percent, respectively.

is approximately 30 percent, while at 560 kPa (80 psi) the difference is
less than 10 percent. For the consolidated-undrained tests, the data exhibit
more scatter; however, the same general trends appear. The damping
decreases with increasing pressure and time.

Figures 1 and 2 are plots of average damping ratio, d, versus logarithm
of T-ratio, T., for drained Test 1 and consolidated-undrained Test 3,
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FIG. 1—Average damping ratio versus logarithm of T-ratio for kaolinite, Test 1-D (I psi =
6.89 kPa).
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F1G. 2—Average damping ratio versus logarithm of T-ratio for kaolinite, Test 3-CU (1 psi =
6.89 kPa).

respectively. The decrease in average damping ratio is greater in Test 1
than in Test 3. The reason for this is that in Test 3 the void ratio was
held constant and in Test 1 the void ratio decreased with time; thus, Fig. 1
has the effects of both void ratio and time. From Fig. 1 it appears that
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damping ratio decreases approximately 0.003 per logarithmic cycle of T,
which represents a change in damping ratio of between 7.5 and 15 percent.
This decrease in damping with time might also have been predicted due to
structural changes causing a stiffening of the specimen and a corresponding
increase in the shear modulus [4, 5].

Bentonite

Because of the very high void ratios at low chamber pressures, damping
for the bentonite was calculated only at chamber pressures of 280 kPa
(40 psi) and above.

The damping data on Tests S, 6 and 8-13 are presented in Tables 7-10.
These data indicate that damping decreases with increasing pressure and
with time, as was the case for the kaolinite tests.

Whitman and Richart [6] observed that the damping ratio for small
strains was generally less than 0.0S. Their observation was based largely
on data obtained from cohesionless soil. The data obtained during this
investigation confirm their observation for soil with a void ratio less than 1.5.
However, these data indicate that as the void ratio approaches 2.0, the
damping ratio approaches 0.1 for small strains.

The free-vibration method of calculating damping yields a lower value
than the steady-state method. The difference in the two methods is less
than 30 percent. For the bentonite data, the foregoing statement is applicable
to both drained and consolidated-undrained test results.

Table 11 presents the damping ratio for each amplitude as a percentage
of the average damping ratio for each pressure, void ratio, and time state.
These data are from Tests 6 and 12, which were considered typical. A review
of this table shows that for bentonite the effect of amplitude on the damping
ratio is almost random and generally less than 3 percent. Because the effect
is small, this could merely be an error induced in changing the sensitivity
range on the recording equipment (oscilloscope).

Figures 3 and 4 present the average damping ratio versus logarithm of
T-ratio for Tests 6 and 10, respectively. In both drained and undrained
conditions, the damping decreases almost linearly with increasing logarithm
of time. The damping ratio decreases approximately 25 percent during
the first logarithmic cycle of T-ratio. These results do not agree with the
results of Humpbhries [7]. The reason for the discrepancy is believed to be
directly associated with the different mathematical models used to reduce
the raw data [5, 7].

Discussion of Results

For both the kaolinite and the bentonite, the damping ratio decreases
with increasing pressure. There also is a strong correlation between damping
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FIG. 3—Average damping ratio versus logarithm of T-ratio for bentonite, Test 6-D (I psi
6.89 kPa).
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FIG. 4—Average damping ratio versus logarithm of T-ratio for bentonite, Test 10-CU
(1 psi = 6.89 kPa).
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ratio and shear modulus; that is, the damping ratio decreases as the shear
modulus increases. These effects are well recognized in the literature {3, 5,
7].

The effects of vibration amplitude were relatively small in this investigation.
Seed and Idriss [8] have presented damping ratios as a function of shear
strain for saturated clays (see Fig. 5). The shear strain in Fig. 5 is zero-to-
peak and is expressed as a percentage. This plot presents most of the
damping data for clay available in the published literature. These data are
for various confining pressures and do not generally include secondary
consolidation or time effects. Superimposed on Fig. 5 are the ranges of
damping ratios obtained in this study for a T-ratio of 1 at various confining
pressures. These kaolinite data generally fall within the damping range
developed by Seed and Idriss; however, the bentonite data lie above their
curves. This is probably because of the high (large) void ratio of this parti-
cular soil. The lower range of our bentonite data lies just above the upper
range of Seed’s curves, which are based on one data point obtained by
Hardin and Drnevich [ 9].

The data presented herein indicate that the damping ratio may decrease
significantly with time at constant effective stress. The kaolinite exhibited
a decrease in damping of 20 to 30 percent as the T-ratio increased from
1 to about 35, which corresponds to a decrease of approximately 12 percent
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O TAYLOR AND HUGHES (1965) e
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FIG. S—Damping ratios for saturated clays (after Seed and Idriss [8]) (I psi = 6.89 kPa).
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per logarithmic cycle of T,. The bentonite exhibited a decrease in damping
of 10 to 30 percent as the 7-ratio increased from 1 to about 5, which cor-
responds to a decrease of approximately 25 percent per logarithmic cycle
of T,. This is in general agreement with the data presented by Hardin and
Drnevich [9] for Lick Creek silt, which exhibited a decrease in damping
ratio of 25 to 30 percent over a period of 15 h.

It is currently the authors’ opinion that this decrease in damping with
time is due to time-dependent changes in the soil structure of the material.
This structure may not be destroyed by vibrations which produce shear
strains on the order of 10-%. However, excitation levels producing shear
strain on the order of 10-! may sufficiently remold the material so as to
erase the effects of time. For this reason the authors also feel that the
effects of time on damping properties of the soil are more important at low
strain levels.

Research at the University of Michigan [10,11] has indicated that shear
moduli determined by resonant-column tests at the end of primary consoli-
dation may significantly underestimate the field shear modulus. Anderson
and Woods [1]] suggest that extrapolation of the laboratory modulus to
a time of 20 years will provide reasonable agreement with field measure-
ments. Similar comparisons of laboratory and field data are not available
for damping ratio. However, because of the demonstrated relations between
damping and shear modulus, it is likely that laboratory resonant-column
tests at the end of primary consolidation may overestimate the field damping
ratio.

Implications to Testing Procedures

The results of the long-term tests conducted in this investigation have
several implications regarding testing procedures for evaluating damping
from laboratory resonant-column tests. First, because the damping ratio
of some clays may decrease significantly with time, laboratory testing pro-
cedures should include provisions for evaluating the effects of time. This
could be accomplished by performing at least one test in which damping
is measured at the end of primary consolidation (7, = 1.0) and at several
additional times while secondary compression is taking place. It is sug-
gested that the test be continued until 7, is 5 to 10. If the damping de-
creases linearly with the logarithm of 7T'-ratio, the results may be extrapo-
lated to longer time periods.

The study also indicates two potential sources of error in the evaluation
of damping from resonant-column tests. It was observed that the apparatus
damping constant, which is required for computation of the soil damping
ratio, is sensitive to relatively minor variations in the position and stiffness
of the electric wires connected to the vibration head of the resonant-column
apparatus. The importance of this effect should be evaluated for other
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resonant-column equipment. If the effect is significant for a particular
apparatus, it may be necessary to recalibrate the apparatus at the start of
each test series.

For long-term tests to investigate time effects in clays, an air-water inter-
face in the test chamber may allow air to diffuse into the specimen, which
will affect volume change and void ratio measurements. In this study,
diffusion was prevented by introducing a mercury jacket around the speci-
men. It was demonstrated that the mercury had little effect on the measured
damping values.

Finally, the damping values obtained from the decay of free vibrations
were consistently lower than those determined by the steady-state method.
No explanation is available for this observation, and it is recommended
that this effect should be investigated further.

Conclusions and Recommendations

The primary objective of this study was to determine the effects of time,
void ratio, and pressure on the damping ratio of clay soils. A kaolinite,
which exhibits very little secondary compression, and a calcium bentonite,
which exhibits relatively large secondary compression, were studied. The
more significant conclusions regarding the behavior of these materials are:

1. The damping ratio decreases with time at constant effective stress
after completion of primary consolidation. The percentage decrease is larger
for bentonite than for kaolinite.

2. The damping ratio of both soils decreases with increasing stiffness
and increasing pressure.

As a result of this investigation, the following recommendations are
made regarding resonant column testing procedures for evaluating damping:

1. The effects of time should be considered for clay soils by continuing
at least one test to T-ratios of 5 to 10.

2. For long-term tests, precautions should be taken to prevent diffusion
of air into the specimen. The use of a mercury jacket around the specimen
is suggested for this purpose; however, the researcher is encouraged to take
all safety precautions when using mercury.

3. The effects of equipment setup details (position of lead wires, etc.)
on the apparatus damping constant should be investigated. If the apparatus
is sensitive to this effect, the damping constant should be reevaluated at
the start of each test.
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ABSTRACT: A numerical analysis parametric study was conducted to determine the
stress and strain states within an idealized soil specimen enclosed by a wire-reinforced
rubber membrane and tested in the Norwegian Geotechnical Institute (NGI) simple
shear apparatus. The computations were performed utilizing a finite-element program
applicable to three-dimensional elastic analysis of nonaxisymmetrically loaded axisym-
metric solids. Orthotropic membrane elements were incorporated in the program to
simulate the action of the wire-reinforced rubber membrane. A total of 14 cases was
analyzed using different combinations of material properties, membrane stiffness,
specimen geometry, and boundary displacements. In general, for the values of the
parameters studied, the uniformity of shear strain distribution improves as (1) the
specimen height-to-diameter ratio is decreased, (2) the percent of wire-reinforcement
is increased, (3) the elastic modulus of the soil decreases, (4) the Poisson’s ratio of
the soil decreases, and (S) the applied horizontal displacement is increased.

KEY WORDS: simple shear, NGI apparatus, soils, cyclic testing, finite elements,
linear elastic analysis, reinforced membrane, stress and strain

During the past few years there has been a growing interest in simple
shear devices for cyclic liquefaction testing and determination of dynamic
soil properties. The simple shear devices developed by the Swedish Geo-
technical Institute (SGI) [{],? the Norwegian Geotechnical Institute (NGI)
[2], and Cambridge University [3,4] are potentially capable of imposing
static and cyclic simple shear loading and allow the application of appre-
ciable normal loads to specimens. The stress conditions within the speci-
men tested in the Cambridge device were first studied theoretically by
Roscoe [3], and later by Duncan and Dunlop [5] using the finite-element
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method of analysis. Prevost and Hoeg [6] recently presented a detailed
discussion of the stress conditions in connection with simple shear soil
testing.

The NGI apparatus was designed to apply simple shear loading to a
thin cylindrical specimen [typically 2 ¢cm (0.8 in.) high and 8 cm (3.2 in.)
in diameter]. This apparatus was developed so as to constrain the specimen
to a constant diameter while undergoing shear deformation. To achieve
this constraint, the specimen is enclosed by a wire-reinforced rubber mem-
brane. Because of the relatively complex boundary of the specimen-mem-
brane system, as well as the nonsymmetric loading condition, very few
attempts have been made to date to determine the states of stress and
strain in the soil specimen tested in the NGI device. Lucks et al [7] and
Sadigh [8] conducted linear elastic finite-element analyses to study the
stress conditions in the NGI simple shear test. The analyses by Lucks et al
[7] appear to assume that upon application of the initial vertical load there
is no lateral restraint due to friction between the testing platens and the
specimen, and thus possible initial static shear strains due to end effects
are not included. Furthermore, analyses by Lucks et al did not include
the confining effect of the wire-reinforced membrane. In the finite-element
analyses by Sadigh [8] the wire-reinforced rubber membrane was repre-
sented using thin conical shell elements. These analyses were limited to
cases involving application of shearing displacements only.

This paper presents the results of a numerical study conducted to deter-
mine the stress and strain states within a soil specimen enclosed by a wire-
reinforced rubber membrane and tested in the NGI device. The membrane
effect and the combined effects of initial vertical and horizontal displace-
ments are incorporated in the analyses.

Problem Formulation

The study was formulated by assuming that the soil specimen is a linear-
elastic isotropic cylindrical solid enclosed in a wire-reinforced rubber mem-
brane. The rather gross approximation of modeling the soil as linear elastic
was made in order to render the analyses economically feasible; while it is
recognized that this approximation introduces quantitative error, it is felt
that the results give a good qualitative measure of the relative effects of
the several parameters. A uniform vertical displacement was applied on
the top surface of the specimen to simulate the vertical load that is applied
to insure a perfect bonding at both the top and bottom platens. The vertical
displacement is followed by the application of a uniform horizontal dis-
placement on the same surface to simulate the simple shear action. The
complete boundary conditions of the system and the finite-element mesh
are shown in Fig. 1.
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FIG. 1—Boundary conditions and finite-element representation.

Analyses and Parameters Studied

Analyses were performed using a finite-element computer program
developed by Herrmann [9,10]; the analysis is similar to that reported in
[11]. Orthotropic membrane elements were incorporated in this program
to capture the action of the wire-reinforced rubber membrane. The mem-
brane element is developed by using linear approximations for the mem-
brane displacements. The composite orthotropic properties of the wire-
reinforced membrane are found by treating it as a composite material
[12]. The program is capable of performing three-dimensional linear elasti-
city analysis of nonaxisymmetrically loaded axisymmetric solids. It utilizes
a complete Fourier expansion of the & dependence.

A total of 14 cases was analyzed using different combinations of material
properties {(E and »), membrane stiffness (A,/A), specimen geometry
(H/D), and boundary displacement (8, and §,). A summary of these cases
is listed in Table 1. A set of parameters taken as the basis for comparison
is given as follows (Case 3 in Table 1):

E = Young’s modulus of soil specimen = 29 480 kN/m?
(4272 psi),
v = Poisson’s ratio of soil specimen = 0.4,
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A, = cross-sectional area of reinforcing wire in R-Z plane = 0.05
mm?2/mm,

A = total cross-sectional area of rubber membrane in R-Z
plane = 0.5 mm?/mm,

E, = Young's modulus of rubber = 2070 kN/m? (300 psi),

E, = Young’s modulus of reinforcing wire = 107 x 10° kN/m?
(16 x 10° psi),

H = height of soil specimen = 20 mm (0.8 in.),

D = diameter of soil specimen = 80 mm (3.2 in.),

&1 = He, = uniform vertical displacement applied to soil specimen to
cause 0.25 percent vertical strain, and
8; = Hvyrz = uniform horizontal displacement applied to soil specimen
to cause 0.5 percent shear strain.

In all 14 cases analyzed, A, E,, E,, and D were assumed to be constants,
these values were measured and reported by Sadigh [8].

TABLE 1-—Summary description of cases analyzed.

Case H/D A /A ez, %o YRz, %  E (g/mm?)? v
1 1/4 0.1 0.25 0 3000 0.4
2 1/4 0.1 0 0.5 3000 0.4
3 1/4 0.1 0.25 0.5 3000 0.4
4 172 0.1 0.25 0.5 3000 0.4
5 1/8 0.1 0.25 0.5 3000 0.4
6 1/4 0.1 0.25 0.5 300 0.4
7 1/4 0.1 0.25 0.5 30 000 0.4
8 1/4 0.1 0.25 1 3000 0.4
9 1/4 0.1 0.25 0.25 3000 0.4

10 1/4 0 0.25 0.5 3000 0.4
11 1/4 0.05 0.25 0.5 3000 0.4
12 1/4 0.2 0.25 0.5 3000 0.4
13 1/4 0.1 0.25 0.5 3000 0.3
14 1/4 0.1 0.25 0.5 3 000 0.49

91 g/mm? = 9.83 kN/m2

Results

For a given #-position the finite-element analysis yields the node point
displacements, and the stress and strain states in all elements. The relative
influence of different parameters on the stress and strain distribution
within a circular soil mass was compared by examining the vertical stress
(0z) and the shear strain (yzz) developed in the R-Z plane at the ¢ = 0 deg
position.

Using the linear elastic formulation, it was possible for a given set of
system parameters to superimpose solutions of different boundary dis-
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placements (such as Cases 1 and 2) to obtain the solution of the combined
boundary displacements (Case 3) as shown for the stresses in Fig. 2 and
strains in Fig. 3. In Case 1, shear strain is developed in the specimen due
to a uniform vertical displacement; its distribution is rather nonuniform
with larger magnitudes occurring at or near the boundaries. On the other
hand, in Case 2, the distribution of shear strain due to horizontal displace-
ment is relatively uniform throughout the specimen except near the vertical
boundaries. It is important to mention that an axis of symmetry exists
at mid-height of the specimen for the shear strain distribution developed
by the horizontal displacement (Case 2, Fig. 3); however, in the case of
vertical displacement the induced shear strains maintain opposite signs
on both sides of the mid-height axis (Case 1, Fig. 3).

Because the properties are constant for linear elastic materials, the shear
strains induced by the initial vertical displacement would not affect the mea-
sured shear modulus for such materials. However, for nonlinear materials
(such as soil) these initial shear strains cause the incremental (incremental
tangent) properties, which define the soil behavior when the subsequent
horizontal displacement is applied, to vary throughout the specimen; the
measured modulus would then be the average of this distribution.

Figures 4-8 show the influence of the various parameters listed in Table
1 (Case 3 through Case 14) on the distribution and magnitude of shear
strain in the R-Z plane (§ = 0 deg). In all the 12 cases studied, a vertical
displacement causing a vertical strain of 0.25 percent was first applied for
the simulation of a perfect bonding required for simple shear testing. This,
in conjunction with the horizontal displacement conditions applied in the
individual cases, resulted in a nonuniform shear strain dlstrlbutlon through-
out the circular specimen.

In studying the effect of each individual parameter on the shear strain
distribution, one must examine the influence of the vertical as well as the
horizontal displacements. As shown in Fig. 3, for example, the application
of a vertical displacement can result in a rather nonuniform shear dis-
tribution throughout the specimen, whereas the induced shear state due
to a horizontal displacement is relatively uniform except near the outer
vertical boundaries. Coded zones are used in the figures to show the per-
centage of shear strain deviation from a uniform distribution (that is, the
assumed input shear strain). The percentage of deviation is negative for
elements in the upper half of the specimen and near the outer vertical
boundaries; for most of the lower half of the specimen, the percentage of
deviation is positive. A typical example of such a distribution is shown in
Case 3 of Fig. 3.

Figure 4 shows the effect of height-to-diameter ratio on the shear strain
distribution. Since the standard NGI specimen has a diameter of 8 cm
(3.2 in.) and a height of 2 ¢cm (0.8 in.) (H/D = 1/4), it was decided that
the H/D ratios of 1/2, 1/4, and 1/8 would be studied. In all cases the
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diameter of the specimen was assumed to be 8 cm (3.2 in.). It can be seen
that a thinner specimen (H/D = 1/8, Case 5) yields a more uniform shear
strain distribution than the thicker specimen (H/D = 1/2, Case 4). This
is due to the fact that for the same amount of horizontal displacement
given to each specimen, a larger external mcment is developed in the
thicker specimen, consequently creating a more nonuniform shear state.
A similar general observation has been reported by Kovacs [13] in studying
the effect of specimen configuration in simple shear testing, wherein he
concluded that the effect of specimen size on the test results diminishes as
the length-to-height ratio increases.
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Figure 5 illustrates the effect of soil modulus on the shear strain dis-
tribution. It is important to mention that in this study the elastic modulus
of the rubber membrane was assumed to be a constant of 2070 kN/m? (300
psi). So, by varying the soil modulus, it would give a different ratio of the
relative stiffness of the soil and the rubber membrane. Soil moduli of 2948,
29 480, and 294 800 kN/m? (427, 4272, and 42 724 psi) were assumed for
Cases 6, 3, and 7, respectively. It is clearly indicated that the percentage
of deviation decreases as the stiffness ratio approaches unity. This implies
that boundary effects are minimized when the soil and the rubber mem-
brane have similar elastic properties.
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FIG. 8—Effect of percent of wire reinforcement on shear strain distribution in the R-Z
plane (6 = 0 deg).

The effect of shear strain amplitude on the uniformity of shear distribu-
tion is shown in Fig. 6. Here, shear strains of 0.25, 0.5, and 1.0 percent
were applied to identical specimens. Because the nonuniform shear dis-
tribution in the specimen is the result of a combined effect of the vertical
and horizontal displacements, for the same amount of vertical displace-
ment a large horizontal displacement (thus a larger shear strain amplitude)
seems to have an overriding effect in minimizing the nonuniform shear
distribution due to vertical displacement (Case 8).

The effect of Poisson’s ratio was studied as presented in Fig. 7. Values
of 0.3, 0.4, and 0.49 were assumed for Cases 13, 3, and 14, respectively.
A lower Poisson’s ratio (Case 13) is associated with less lateral volume
change under vertical loading, thus causing less shear strain in the speci-
men. Figure 7 shows that, under the same loading conditions, specimens
having different Poisson’s ratios have significantly different shear strain
distributions. The uniformity of shear strain distribution increases as the
Poisson’s ratio of the specimen decreases.

Finally, the amount of wire reinforcement was studied by assuming
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the values of the A;/A ratio to be 0, 5, 10, and 20 percent, in Cases 10, 11,
3, and 12, respectively. As the A,/A ratio increases, the wire-reinforced
membrane becomes stronger in resisting lateral expansion due to vertical
loading, and consequently it reduces the amount of shear distortion in
the specimen. As shown in Fig. 8, the higher the A,/4 ratio, the more
uniform is the shear strain distribution in the specimen.

Based on the discussion given in the preceding paragraphs, it may be
stated that in general, for the values of the parameters studied, the uni-
formity of shear strain distribution improves as (1) the specimen height-
to-diameter ratio (H/D) is decreased; (2) the percent of wire reinforce-
ment, A,/A, is increased; (3) the elastic modulus of the soil, E, decreases;
(4) the Poisson’s ratio, v, of the soil decreases; and (5) the applied hori-
zontal displacement amplitude, H+ygz, is increased. It should be noted
that for a given element the stress and strain components vary with 6;
the distributions shown in Figs. 4-8 are for the § = 0-deg condition. Figure
9 shows the shear strain components (yzz) of Case 3 projected on the plane
parallel to the direction of shearing for 6 values of 0, 45, and 90 deg,
respectively. Furthermore, the percentage of deviation, for a given element,
is not directly proportionate to the area of the element in the R-Z plane.
This is due to the fact that the size of a circular volume formed by the
rotation of the area of an element depends upon not only the dimension
in the R-Z plane but also on its distance from the axis of rotation.

It is recognized that the selection of parameters for this study has been
at best arbitrary, and that the nonlinearity of the soil has not been in-
cluded. Interpretation of the numerical results from this study, therefore,
should be done with caution. However, the information provided by this
study clearly illustrates the importance of the various parameters and the
edge effects resulting from the selected test configuration. This informa-
tion can be most helpful in assessing the suitability and limitations of the
NGI simple shear apparatus for cyclic soil testing.

Discussion

Based on the present study, the following observations are made con-
cerning the stress and strain distribution in a circular soil mass subjected
to cyclic testing in the NGI simple shear apparatus.

1. It has been shown that the shear stress or strain distribution developed
in the NGI simple shear apparatus is far from uniform. Furthermore, in
many instances the externally “applied strain” may not be representative
of the actual strain experienced by the bulk soil mass in the specimen.

2. The present study seems to indicate that the nonuniform stress and
strain distribution in a specimen results from the two boundary conditions
associated with the NGI simple shear apparatus; namely, the application
of a uniform horizontal displacement and a vertical loading (causing a
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uniform vertical displacement) to the circular specimen. Figure 10 shows
the creation of an external moment due to the horizontal displacement.
To balance this moment, additional stresses must be generated in the soil
specimen, particularly near the vertical boundaries as indicated in Case 2
(Fig. 2). For a given soil and membrane, the magnitude of the moment is
a function of the horizontal displacement and the height of the specimen.
The larger the displacement, the thicker the specimen, the more sig-
nificant the influence of the moment on the stress and strain states in
the specimen. Furthermore, shear stress and strain can also be introduced
to the soil mass by the uniform vertical displacement as discussed pre-
viously. Therefore, the combination of the two essential boundary con-
ditions of the simple shear apparatus leads to significant nonuniform stress
and strain distributions in the soil specimen.

3. It may be reasoned according to Cases 1 and 2 of Fig. 3 that the
shear strain due to the vertical displacement amounts only to a very small
fraction of the shear strain induced by the horizontal displacement and
that therefore the existence of the former may be ignored for all practical
purposes. However, simple shear testing has been used to determine dy-
namic soil properties at much lower strain amplitudes than the 1/2 percent
assumed in this study (1 x 10-! to 1 x 10-3 percent shear strain), thus
inducing shear strains of the same order of magnitude as those developed
by the vertical displacement. For such cases there is some question as to
whether or not the externally “applied strain’” can be used as the basis
to determine the dynamic response of a nonlinear soil mass.

4. The assumption of perfect bonding developed between the soil and
the top and bottom platens in simple shear testing is worthy of close
examination. This is most significant when large horizontal displacement
amplitudes are applied. At those levels of strain, the shear stresses de-
veloped at the contact surface may exceed the available frictional resistance
at the soil-platen interface, particularly when high pore water pressure
is built up inside a saturated granular soil specimen.

5. The application of a uniform cyclic horizontal displacement would
result in the reversal of the induced shear stresses as well as strains in the
soil specimen. However, the shear stresses and strains due to a vertical
displacement are unidirectional. The overall shear stress and strain states
in a soil specimen are therefore not only nonuniform, as previously dis-

S —

FIG. 10—Creation of external moment due to applied shear displacement.
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cussed, but also complicated by the nonsymmetrical loading cycles experi-
enced by every soil element as depicted in Fig. 11. The existence of a
baseline static shear strain contradicts the general belief that uniform
and symmetrical shear states exist in NGI simple shearing testing. It is
possible, however, that progressive incremental slippage between the top
and bottom platens and the specimen would cause a gradual relief of the
static shear strain produced by the initial vertical load; such behavior is
suggested in Fig. 12. Further analytical investigation is needed to determine
whether or not such a shakedown phenomenon actually occurs.

Conclusion

Laboratory soil testing is vitally important to geotechnical engineering
practice, since only good and reliable soil characterization can ensure
accurate prediction of soil behavior in the field. In recent years, sub-
stantial progress has been made in numerical solutions of complex founda-
tion and earth structure problems; however, our ability to develop simple
and reliable testing techniques for proper soil characterization has been
slow, particularly in the area of dynamic property determination of soils.
During the past few years, a growing interest has been directed toward the
use of the NGI simple shear apparatus for dynamic testing. Based on the
analysis reported in this paper, observations are offered concerning the
nature and the distribution of shear states developed in the NGI simple
shear apparatus. The analysis reported in the preceding pages is not in-
tended to directly evaluate the available NGI test results, but rather to
study the apparatus and its associated boundary effects on the test results.
It is hoped that futher discussion and exploration of the NGI simple shear
apparatus may improve our knowledge in searching for a simple, reliable,
and yet versatile dynamic soil testing apparatus.

4\
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FIG. 11—State of shear strain within the specimen due to combined effects of initial
vertical displacement and cyclic shear displacement.
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FIG. 12—Changes in state of shear strain due to possible progressive incremental slippage.
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ABSTRACT: The objective of this study was to determine the tensile strength, cyclical
behavior, and stress-strain relationships for concrete under loading conditions ( 1 to 10
Hz) such as could be produced by an earthquake.

Dynamic direct tension tests and stress-reversal tests were conducted on core speci-
mens from two concrete mixtures representative of mass concrete, Test procedures were
developed for cyclical loading and loading to failure in 0.25 to 0.025 s, which represent
one fourth of a cycle having a frequency of 1 to 10 Hz. Stress-strain measurements were
made on selected specimens. The procedures used could be modified to become ASTM
test methods for direct-tension and stress-reversal tests of rock.

The tests indicated that there was no significant difference in tensile strength deter-
mined statically or dynamically on dry specimens. A 30 percent increase in strength
was indicated for wet specimens tested dynamically. Very little hysteresis was evident in
the tensile stress-strain curves. The results should be useful in studies conducted to
determine the earthquake resistance of mass-concrete structures.

KEY WORDS: concrete testing, tensile strength, dynamic tensile strength, mass
concrete, soils

Prediction of the dynamic response of a structure under loading such as
could be caused by an earthquake requires a working knowledge of the
mechanical properties of the material used in construction of the structure.
Specifically, tensile strength, cyclic behavior, and stress-strain relationships
appear to be of primary importance. Gravity dams are often constructed of
mass concrete. A considerable amount of attention has been given to
the compressive-stress parameter of concrete with the resulting recom-
mendation [/P that the dynamic compressive strength used in an analysis
be assumed as 125 percent of the static compressive strength, that is,
f¢, for dynamic loading conditions..Information on tensile strength, stress-
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3The italic numbers in brackets refer to the list of references appended to this paper.
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strain relationships, and effects of cyclic loading in the range of seismic
loading (1'to 10 Hz) appears to be meager [2, 3].

The objective of this study was to determine the tensile strength, cyclical
behavior, and stress-strain relationships for concrete under seismic loading
conditions (1 to 10 Hz).

Procedure

Mixtures

Two typical mass concrete mixtures selected for study are given in Table
1. Batches of concrete 0.76 m® (15 ft°) were mixed from each mixture and
used to cast blocks 400 mm (16 in.) high. The blocks were cured for 28
days and then cored to secure nominal 200 by 400-mm (8 by 16 in.)
cores. The cores were stored in air until the date of the test.

Test Methods

The dearth of test data on the direct tensile strength of concrete
indicated that equipment to conduct such tests would likely not be readily
available. When this premise proved correct, plans were made to modify
the equipment available at the Waterways Experiment Station (WES) to
conduct dynamic monotonic (single stroke) and cyclical tensile-strength
tests on mass-concrete test specimens. Contact with the U.S. Bureau of
Reclamation (USBR) revealed that a rapid-loading test machine at their
Denver laboratory could possibly be used to conduct stress-reversal tests
through the tensile-compressive range in question on large specimens. To
assure that some reliable information was developed, the test schedule was
formulated to use both machines. Also, if useful data were obtained using
both machines, comparisons could be made between direct tension tests
and stress-reversal tests.

The absence of a standard test led to the development and use of a

TABLE 1—Mass concrete mixtures.

Mixture 1 Mixture 2
Nominal maximum size aggregate, mm (in.) 75 (3) 75 (3)
Type of fine and coarse aggregate limestone limestone
Cement factor; kg/m3 (Ib/yd”) (254) (151) (400) (237)
W/C ratio; by weight 0.80 0.51
S/A ratio; by volume 0.31 0.29
Air content, % 5 5
Slump, mm (in.) 50 (2) 50 (2)
Compressive strength, MPa (psi) 21 (3000) 41 (6000)

Test age 90 days 1 year
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method of test for direct tensile strength of concrete patterned after the
ASTM Standard Method of Test for Direct Tensile Strength of Intact Rock
Core Specimens (D 2936-71). Two diametrically opposed -electrical-
resistance strain gages were used on selected specimens to provide
longitudinal stress-strain information. The test arrangement is shown in
Figure 1. The procedure for the stress-reversal tests is similar to that for
direct tensile strength. Specimens used were companion cores to those
tested for direct tensile strength. Specimens were cut to proper length,
gaged, and shipped to the USBR only after the concrete had reached 90
days of age. The test configuration for the stress-reversal test is shown in
Fig. 2. Preparation consisted of placing the specimen in the test frame with
end pieces attached by epoxy. The epoxy was allowed to harden overnight.
Prior to test the specimen was cycled statically to 5-MPa (700 psi) com-
pression for the purpose of securing proper seating of all components.

FIG. 1—Direct-tension test apparatus.
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FIG. 2—Test configuration, stress-reversal tests.

Rapid load tests were then conducted either through a cyclic phase or
monotonically, both starting with a preload of 1.4-MPa (200 psi)
compression, Figure 3 gives typical strain-time curves for a specimen
undergoing cyclical loading.

Test Program

The large energy input to concrete gravity dams is to be most likely in
the range of 1 to 10 Hz. The test program was thus established to include
tests to failure within a time frame based on this frequency. Since there are
four distinct parts of an earthquake loading pulse, namely, (1) tension
loading and (2) unloading, and (3) compression loading and (4) unloading,
the time to tensile failure should be one fourth of the cycle time. Thus, the
time to failure (rise time) for 1-, 5-, and 10-Hz tests would be 0.25, 0.05,
and 0.025 s, respectively. There is, of course, no way of knowing the strength
beforehand; the rise times achieved in the actual tests varied somewhat from
those desired, generally + 20 percent.

In order to investigate the effects of monotonic stress reversal and cyclical
loading and difference in moisture content on mass concrete, several types
of loading conditions were used:
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FIG. 3—Typical strain-time record.

1. Direct-tension tests cycled to either 60 or 80 percent of ultimate
strength for approximately 25 cycles, then loaded to failure at the rate used
during cycling.

2. Stress-reversal tests cycled to 80 percent of ultimate tensile strength
for approximately 25 cycles, then loaded to tensile failure at the rate used
during cycling.

3. Monotonic (single stroke) direct-tension tests in which the failure load
is applied so that the specimen fails during the first and only pulse of a
dynamic loader at a peak load occurring at one fourth of the cycle time.

4. Monotonic stress-reversal tests in which the failure load is applied
so that the specimen fails in tension during the first and only tensile pulse
following the compressive portion of the cycle. The tensile failure stress is
caused to occur at one fourth of the complete cycle time.

S. Monotonic direct-tension static tests in which failure is produced in
approximately 60 s of loading time.

Experimental Work (Results)

Cyclical Tests

Cyclical tests were conducted on 34 specimens from Mixture No. 1 to
determine the effect of repetitive loading on the ultimate strength of mass
concrete. Specimens were loaded through approximately 25 cycles for a pre-
determined percentage of the estimated ultimate tensile strength at three
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TABLE 3—Cycling failure specimens.

Rate of Failed on Tensile Strength,
Type of Test Specimen No. Load, Hz Cycle No. psi (MPa)
Direct tension 18 1 5 200 (1.4)
Direct tension 20 1 14 215 (1.5)
Stress reversal CE-2 1 1 210 (1.4)
Stress reversal 3-10 5 5 230 (1.6)
Stress reversal CE-8 10 9 175 (1.2)
Stress reversal 3-5 10 2 160 (1.1)
Stress reversal 3-7 10 20 170 (1.2)

different rates of loading. The specimens which did not fail during cycling
were then loaded to failure monotonically. Results are given in Table 2.
Seven of the 34 specimens that failed during cycling are listed in Table 3.
The ultimate monotonic tensile strength of virgin specimens from Mixture
No. 1 was found to be approximately 1.62 MPa (235 psi) (Table 4). Indi-
cations are, therefore, that some failures may be expected under cyclical
loading at approximately 70 to 90 percent of the ultimate tensile strength.

Monotonic Tests

Monotonic (single stroke) tests were conducted on representative virgin
specimens from each mixture and on specimens which did not fail during
cycling. Both direct-tension and stress-reversal tests were conducted at dif-
ferent loading rates and results compared where feasible. Results of tests
on the virgin specimens are given in Table 4. Although the data are some-
what limited, indications are that the rate of loading has no effect on the
tensile strength for either mixture up to 10 Hz. Using the data from Table S,
it may be noted that the tensile strength of Mixture No. 1 is approximately
8 percent of the compressive; however, for Mixture No. 2, the tensile strength
is only S percent of the compressive strength.

Those specimens which did not fail during cyclical loading (Table 2)
were subsequently tested to failure monotonically. Twenty-seven specimens
from Mixture No. 1 were so tested. Results are given in Table 4. Again, no
significant difference is indicated between rapid tensile strength and static
tensile strength up to 10-Hz loading rate. The slight increase in average
strength of the previously cycled specimens may be explained by the elimi-
nation of the weaker specimens during cyclical testing. Also of relevance is
a comparison of the test methods. At the 1-Hz rate there is apparently no
significant difference in the ultimate tensile strength obtained by the two
methods, rapid direct and stress-reversal.

Statistical treatment of the data developed for the two types of tests and
various rates of loading would be desirable. The pertinent information for
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TABLE 6—Failure test data for Mixture No. 1.

Rate of No. of Average Strength, Standard Deviation,
Type of Test Load, Hz  Specimens psi (MPa) psi (MPa)
Direct tensile? 0.02 10 238 (1.64) 15 (0.10)
Direct tensile? 1to5 10 241 (1.66) 20 (0.14)
Direct tensile 1 8 254 (1.75) 17 (0.12)
Stress reversal 1 7 269 (1.85) 40 (0.28)
Stress reversal 5 7 249 (1.72) 38 (0.26)
Stress reversal 10 5 267 (1.84) 25 (0.17)

%Virgin specimens, all others cycled specimens.

the failure tests of Mixture No. 1 is given in Table 6. Due to the limited
data, the closeness of the averages, and the relatively large standard devi-
ations, detailed statistical analyses would serve no useful purpose. A cursory
examination of the average strengths and standard deviations is sufficient
to reveal that there is no significant difference in the various test methods
or loading rates. There is less variation in results of the direct-tension tests
than in the stress-reversal tests which, in the absence of other considerations,
would provide a basis for selection of the direct-tension test as the standard
method of test for evaluation of concrete under earthquake-type loading
conditions.

The predominant effect in all the tension tests was probably the align-
ment of the large aggregate with respect to the stress field. The interface of
the aggregate and the paste was obviously the weakest portion of the con-
crete conglomerate. Large pieces of aggregate were exposed in most speci-
mens after failure, as shown in Fig. 4. The random alignment of these
interfaces apparently determines the stress level at which a specimen will
fail. Thus, one with a large critically positioned, smooth surface would fail
at a much lower stress than one on which the bond interface was rough or
was not required to resist a high tensile stress.

Moisture Effects Tests

A suite of tests was conducted on specimens from Mixture No. 1 to
determine the effects of moisture on the rapid loading strength of mass
concrete. Half of the test specimens were inundated for 28 days prior to
test while the other half remained in air storage. Direct-tension tests were
conducted when the concrete was approximately one year old. Considerable
difficulty was experienced in affixing the end caps to the wet cores; 18 tests
were required to secure the 10 usable pieces of data for the wet specimens.

Results of the moisture effects tests are given in Table 5. Again, no dif-
ference is indicated in static and rapid loading-direct tensile strength of
dry specimens. However, an appreciable increase, apparently 30 percent,
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FIG. 4—Typical failure surface of a tension test specimen.

in strength is indicated between the static and rapid loading strength of
wet specimens. Thus the effect of rate of straining appears to be significant
when moisture is present. Not unexpected is the decrease in static strength,
both compressive and tensile, when test specimens are saturated. It should
also be noted that no difference is indicated in the rapid-loading direct
tensile strength of concrete whether tested wet or dry.

Tests of Jointed Specimens

It is recognized that a massive unreinforced concrete structure will likely
contain both joints and cracks due variously to construction requirements,
temperature and volume changes in the mass, and foundation movement.
These joints or cracks or both will have strength values varying between 0
and 100 percent of the mass. Obviously tests are not required to determine
that direct tensile strength of an open discontinuity is nonexistent. Joints,
however, can be tested for strength as intact specimens if jointed cores
are secured without breakage. During the course of the investigation, core
specimens of both massive and jointed concrete taken from a gravity dam
were received for test. The massive intact concrete compared favorably with
that of Mixture No. 2 [compressive strength, 41 MPa (6000 psi); rapid
direct tensile strength, 2 MPa (300 psi) ]. Significantly, the strength of the
construction joints was indicated to be approximately one third [0.7 MPa
(100 psi) ] that of the concrete mass.
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Stress-Strain Relationships

The stress-strain relationships were determined on selected specimens
from 152-mm (6 in.)-long electrical resistance strain gages affixed to the
specimens. A typical strain-time, stress-time record for a stress reversal test
is shown in Fig. 3. Stress-strain curves were piotted from these results. A
typical stress-strain curve for a specimen undergoing cyclical loading is
given in Fig. 5. Given in Fig. 6 is a stress-strain curve for a test to failure.
Significantly, stress-strain relationships were essentially identical in tension
and compression for the stress-reversal tests. Very little hysteresis was noted
in any of the tests. Apparently the compressive stress was not large enough
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FIG. 5—Dynamic stress-reversal studies, cyclical test.
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to induce microfracturing with the resulting hysteresis. Tensile failure of a
brittle material is usually the result of one crack rather than a series of
small fractures which result in nonrecoverable deformation. Indications
were that tensile cracking of dry specimens began at approximately 90 per-
cent of ultimate strength and progressed very sharply during final failure
loading.

Discussion

According to a recent review of the applicable literature [3], significant
gaps in knowledge remain relative to the earthquake resistance of mass
concrete. The areas most in need of study were cited to be:

1. The effect of strain rate on dynamic properties, particularly tensile
strength.

2. The effect of stress reversal on mechanical properties, including hys-
teretic behavior.

3. The effect of biaxial stress conditions.

The significant parameter is, of course, the tensile fracture mechanism
of concrete. There are two predominant failure theories for concrete [4,5],
each of which has almost equal support: the Griffith theory and the strain-
energy release theory. However, very few pure tension tests of concrete have
been reported, and therefore the theories are of limited values for practical
application. Hopefully, the information reported herein will help to narrow
the gap between theory and practice.

The fact that approximately 20 percent of the tensile specimens failed
during cycling at 70 to 90 percent of the indicated tensile strength is prob-
ably more the result of strength variation between specimens than fatigue
effect. The fatigue effect at 25 cycles would likely not be great. Conversely,
the failure of many specimens around large, critically oriented pieces of
aggregate and the resulting high variability of the test results would account
for some failures at lower than expected loads. Due to the heterogeneous
composition of concrete, especially mass concrete, the large variation in
test results might well be representative -~f the nature of the material.

The most significant information developed in the study is related to the
effect of rate of load on mass concrete specimens. Essentially, no significant
difference in tensile strength was noted for concrete of two strength levels
stressed to failure at times ranging between 60 s (static) and 0.025 s (10 Hz).
In terms of dynamic testing, a time to failure of 0.025 s is relatively slow.
It is known that, the more brittle a material, the less the effect of rate of
load. Apparently mass concrete in a dry condition is sufficiently brittle to
escape the effect of load rate on strength in the range relevant to earth-
quake loading.

Also of significance is the effect of rate of load on strength of wet concrete
specimens. Although the data are somewhat limited, there appears to be
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an increase of approximately 30 percent in tensile strength of wet concrete
between static testing and rapid loading to failure at a rate of S Hz. This
indication agrees substantially with the results of the only two studies dis-
covered which dealt with dynamic tensile strength of concrete, by Hatano [6]
and Takeda [7]. Hatano’s tests were conducted on wet specimens, but the
moisture condition of Takeda’s specimens was not defined. Apparently wet
concrete, being less brittle than dry, is susceptible to strain-rate effects in
the range of earthquake loading.

The indication that the ratio of tensile to compressive strength decreases
as the concrete strength increases is not surprising. Previous work [8, 9] on
the static test range supports this finding. The information secured from
tests of jointed cores is significant. The joints tested appeared to be excellent
construction joints, yet developed only one-third the tensile strength of
comparable mass concrete. Reversal of stresses within test specimens ap-
parently had no effect on the tensile strength or stress-strain relationships
of dry concrete. Compared with the stress reversal test, the direct-tension
test is easier to conduct and would appear to be acceptable for use as a
method of determining the relevant properties of earthquake-susceptible
concrete.

Several important aspects of the stress-strain relationships were developed:
(1) the linearity of the stress-strain ratio up to approximately 80 percent of
the ultimate strength; (2) the similarity of the stress-strain curves in tension
and compression; (3) the noneffect of stress reversal; and (4) the lack of
applicable hysteresis. Yerlici [10] has reported substantiating data for Point
1 above and Hughes and Chapman [11] for Point 2. The lack of effect of
stress reversal (Point 3) may be new but not surprising information. The
aforementioned points are related and should be useful in analyzing the
stress-strain relationships for concrete under earthquake-type loading con-
ditions.

Probably the most significant point is the almost perfect elasticity and
consequent absence of hysteresis in the stress-strain curves. The interest in
the hysteresis loop arises from the fact that its area represents an irreversible
energy of deformation. The loop may be used to calculate a value of hys-
teretic damping. Obviously the deformability of a material such as the
concrete tested herein will be nominal.

The effect of biaxial stress conditions on the strength or durability of
mass concrete was not addressed in this study. Reportedly the parameter
of biaxial tension is of importance in earthquake analysis [3]. Of interest is
some recent work on the area of biaxial tension as given in Ref 12. Indica-
tions are that concrete strength in biaxial tension is essentially equal to,
but no greater than, the uniaxial tensile strength. It follows then that the
rapid-loading biaxial strength of dry concrete should approximate the direct
tensile strength as determined in this investigation. Biaxial tension tests
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may be required to determine the effect of multiaxial stresses on the strength
of wet concrete.

Conclusions

Based on the results of this investigation, the following conclusions appear
warranted:

1. Some failures may be expected under cyclical tensile loading of mass
concrete specimens at 70 to 90 percent of the indicated ultimate tensile
strength.

2. Rate of loading has no effect on the tensile strength of dry, virgin,
mass-concrete specimens up to a loading rate of 10 Hz.

3. For conventional concrete the tensile strength is approximately 7.5 per-
cent of the compressive strength; for high-strength concrete the tensile
strength is 5 percent of the compressive strength.

4. No difference is indicated between static tensile strength and rapid
tensile strength up to 10-Hz loading rate for previously cycled specimens.

5. There is apparently no significant difference in the results obtained,
and therefore the two test methods used herein, rapid direct and stress
reversal, are equally useful.

6. The effect of alignment within the test specimens of large aggregate
pieces is critical and probably contributes to the high variability of the
test results.

7. An increase in tensile strength of approximately 30 percent is indicated
between static and rapid loading tests of wet concrete specimens.

8. The strength of representative construction joints in direct tension
may be only about one-third that of the concrete mass.

9. Stress-strain relationships for dry mass concrete are essentially identi-
cal in tension and compression, and the tensile curve is linear up to ap-
proximately 80 percent of ultimate strength.

10. Very little hysteresis is evident in stress reversal tests of mass up to
30 percent of the compressive stress and 80 percent of the tensile stress.
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ABSTRACT: Determination of dynamic E- and G-moduli of a silty clay material
were made by measuring directly the velocity of both ultrasonic longitudinal and shear
waves transmitted through the material. The equipment, developed at the University
of Missouri-Rolla, allows dynamic, nondestructive testing of soil materials to be con-
ducted rapidly and easily.
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A consideration of the dynamic behavior of a soil-rock system is becom-
ing a very important part of geotechnical design practice. Not only are soil
dynamics important in aseismic design, but also in the design of founda-
tions subjected to machine vibrations and in subgrade and base courses
of pavement. It is obvious that the design techniques used for static analyses
are not always applicable to field conditions, because these techniques are
based upon static, destructive test methods. These methods do not accu-
rately model the actual dynamic loading conditions occurring in the field.

Testing methods have been sought which evaluate the strength param-
eters of soil and rock materials as they undergo the actual strain levels
that will occur in the field. The parameters of Young’s modulus (E), shear
modulus (G), and Poisson’s ratio (u) are required in certain mathematical
models used to evaluate soil-structure response.

Elastic theory has been used in the afore-mentioned models. Since soil
material response conforms reasonably well with elastic theory for low
strain levels associated with machine vibrations, the use of elastic moduli
may be justified.
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The high interest in soil response to earthquake loadings has added to
the need for an even more rational design theory. One of the theories being
considered involves viscoelastic modeling of the system. The theory behind
this model utilizes the strength parameters previously mentioned plus a
measure of the damping capacity of the material. Thus a single testing
method which would evaluate these material characteristics dynamically
would be very useful in dynamic response analysis.

As a result of this reasoning, numerous testing methods have been de-
veloped that attempt to measure the needed design parameters. The test
methods most desirable are those where the actual field conditions are
most closely approximated. The ideal test should also be nondestructive,
thus allowing the testing of a single specimen under a variety of loading
conditions.

In this study, a test technique involving the generation and detection of
ultrasonic waves in soil specimens has been used to measure the parameters
in question. These values were determined by measuring nondestructively
the propagation velocity of the ultrasonic waves through the test material.
The equipment required in this study has been developed at the University
of Missouri-Rolla. It has been the main purpose of this study to further
the knowledge of this testing technique in the area of soil materials. In
particular, an ultrasonic probe more suitable for attenuation measurements
has been developed.

Theory of Ultrasound

The theory of ultrasound is very similar to that of audible sound. Sound
is the result of mechanical disturbance of a material, that is, a vibration.
In general, three types of waves are generated by a source vibration: com-
pression waves, shear waves, and Rayleigh waves.

Using elastic theory, a relationship between the speed of propogation
and wave amplitude of these waves and certain properties of the media
through which they are traveling can be determined as follows

(1 + p)1 = 2u)

E = V.2 1)
SO ¢
G = V2P )
1 - W(V./V,)?
= 3
EZ 1 (v )
and
2.302 A
b = logio —— (4)
n A,
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where
V. = velocity of compression wave,
V, = velocity of shear wave,
u = Poisson’s ratio,
E = Young’s modulus,
G = shear modulus,
p = mass density = v/g,
6 = logarithmic decrement (attenuation per cycle),
Ao = initial value of amplitude, and
A, = amplitude after n oscillation.

In this study, the method of direct transmission of ultrasonic waves was
used to evaluate V., V, and A. The “elastic”’ constants were calculated
from these measurements.

Instrumentation and Materials

Electronic Equipment

The electronic equipment used in this study was previously used and
partially developed at the University of Missouri-Rolla [1].? The equipment
necessary for conducting the tests includes a pulse generator, an oscilloscope,
and two ultrasonic probes (transmitter and receiver). The construction and
design of these probes are discussed later.

The pulse generator delivers a variable-voltage direct-current pulse to the
transmitting probe simultaneously with a 7-V trigger pulse to the time base
of the oscilloscope. The generator is also designed such that the pulse
interval and pulse width can be varied. Voltages may be varied from 100
to 1100 V, pulse intervals from 1 to 99 ms and pulse widths from 1 to 100
us.

Crystal Selection

The design of an ultrasonic probe suitable for dynamic evaluation of
heterogeneous mixtures is hindered by various complications. The develop-
ment of a probe that effectively overcomes these complications thus be-
came a major part of this investigation. Various crystal characteristics have
therefore been investigated and are discussed.

Crystal Polarity—Compressional crystals (primarily thickness expanders)
were chosen to be used in the first probes constructed due to their superior
acoustic characteristics. This choice evolved from the fact that shear waves
tend to be scattered by inhomogenities (for example, aggregate particles)
to a greater degree than compressional waves. Acoustic coupling is also
much easier to obtain, on rough surfaces, with compressional wave crystals
than with shear wave crystals. It should be stressed that these considera-
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tions are the result of the character of the material being tested (nonhomo-
geneous and rough surface texture). In other applications (for example,
with metals), the shear wave crystals may prove satisfactory.

Crystal Materials—Different materials, from quartz to certain ceramics,
possess piezoelectric properties. A desirable crystal characteristic is a short
ringing time. Ringing time is the time period involved in the decay of
crystal vibrations after the initial excitation of the crystal. Unfortunately,
crystals with short ringing times have lower sensitivity than those with
longer ringing times. The result is the sacrifice of some sensitivity for the
advantage of a crystal which resonates only a few cycles.

Another desirable crystal characteristic is a low Poisson’s ratio. Crystals
with lower Poisson’s ratios will vibrate less in unwanted modes.

The piezoelectric ceramics initially used in this study were compressional
disks made of lead zirconate titanate (PZT). These crystals were chosen
primarily due to their availability. It should be noted that crystals with
different properties are now commercially available and may demonstrate
the superior qualities of a shorter ringing time and lower Poisson’s ratio.

Directional Characteristics—The size of the ceramic disks chosen for a
particular testing program depends upon various factors. One of these is
the directional characteristics of the crystal. The amount of mode conver-
sion at the probe-specimen interface is a factor that is related to crystal
size and wavelength in the specimen. The wavelength-to-diameter ratio of a
particular crystal controls the intensity of secondary waves transmitted into
the specimen. It is observed that for testing techniques where the existence
of strong secondary waves is a hindrance, the wavelengths of the compres-
sional wave in the specimen should be considerably smaller than the crystal
diameter. The diameter of the crystal should thus be chosen large enough
that divergence of the ultrasonic beam is minimized.

Near-Field Effects—The amount of mode conversion can also be de-
creased by choosing larger-diameter crystals. The choice of a large-diameter
crystal increases the length of the field while simultaneously decreasing the
amount of mode conversion from reflections at the specimen boundaries.

Infinite Media Assumption—To assume “‘infinite media’’ or to be able to
ignore the effects of specimen size, the wavelength of the ultrasonic pulse
in the specimen should be as small as possible compared to the specimen
dimensions. This criterion sets an upper limit of wavelength for a particu-
lar-size specimen. For a material with known wave velocity, this maximum
wavelength corresponds to a minimum crystal frequency according to the
equation

Amax = Vlmax = L (5)
fmin

where
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Amax = maximum wavelength acceptable to assume infinite media,
v = wave velocity in material being tested,

Tmax = period length corresponding to A max, and

JSmin = minimum frequency corresponding to Amax.

Material Grain Size—Scattering of the ultrasonic wave increases greatly
as the wavelength in the specimen approaches the grain diameter of the
specimen. A minimum wavelength acceptable for testing in a particular
material is thus set by the grain diameter. By using equations identical to
Eq S, a maximum crystal frequency is calculated corresponding to the
minimum wavelength set by the grain size.

Crystal Requirements

In summary, the size of a compressional wave crystal should conform
to the following requirements:

1. To limit the intensity of secondary waves (shear waves and compres-
sion waves)

As K 2a (6)
where
s = wavelength of compressional wave in specimen, and
a = radius of transmitting crystal.

2. To stay within the near field and thus to limit excessive divergence of
the compression waves

Ls < T (7)

where
L; = lengia of specimen in direction of wave propagation.

3. To assume “infinite media”
A KL, ®

where

L, = minimum dimension of specimen perpendicular to wave propaga-
tion.
4. To reduce scattering

As KD max )]
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where
D .x = maximum grain diameter of specimen.

Requirements 1 and 2 set lower limits upon the crystal diameter where Re-
quirements 3 and 4 set an upper and lower limit upon the wavelength in
the specimen. As mentioned earlier, the wavelength is related inversely to
the crystal frequency by the velocity of sound in the material. For longi-
tudinal wave crystals, the thickness of the crystal controls the frequency.
Requirements 3 and 4 therefore set upper and lower limits on the crystal
thickness.

The crystals initially used were 2.5-cm-diameter PZT thickness expanders
manufactured by Gulton Industries. The resonant frequency of these
crystals is approximately 308 kHz in the thickness mode. The strain gen-
erated by the crystal deformations was less then 10-* percent.

The next crystals used (also 2.54 cm in diameter) were primarily radial
expanders (shear mode) manufactured by Clevite. The crystal material was
PZT and has been identified as PZT-4 by the manufacturer. These crystals
had a resonant frequency in the radial mode of 90 kHz and in the thick-
ness mode of 640 kHz.

It should be stressed that the crystals just described were used primarily due
to their availability. Some of their characteristics (for example, diameter)
do not meet the specifications calculated by the theories presented earlier
in this section. These specifications were computed on the basis of crystal
use in the investigation of asphaltic concrete. They may be suitable for
use with other materials possessing different characteristics (for example,
different wave velocity and grain size). Although they did not fit speci-
fications, the crystal behavior with respect to various operating conditions
was expected to be informative. These conditions are discussed in the fol-
lowing section.

Probe Construction

Previous works have been published on the design of ultrasonic probes
for flaw detection in metals [2,3]. The basic characteristics of the probes
used in flaw detection coincide with the properties of the probes used
for ultrasonic testing in asphaltic concrete. Three of the main features
considered in the probe design were (a) crystal selection, (b) mechanical
damping of the crystals, and (¢) concentration of ultrasonic waves in one
direction.

Mechanical Damping—In addition to selection of a crystal material
which results in a short ringing time, the crystal may also be mechanically
damped. Mechanical damping is often accomplished by cementing a back-
ing material onto the crystal. This material helps to restrain the vibra-
tions of the crystal after its initial excitation.
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Concentration of Ultrasound—The crystal backing also serves another
purpose. An ultrasonic probe design has been suggested by Washington
[3] where the backing acts as an absorbent layer. This layer of absorbent
material not only damps the crystal vibrations, but decreases the intensity
of ultrasound radiating from the back of the crystal. The result of this
behavior is the concentration of energy in one direction from the probe.

The backing material suggested by Washington and used in this study
is a mixture of tungsten powder and casting resin (Araldite). The tungsten-
Araldite ratio suggested was a 2:1 by weight mixture. Figure 1 shows a
section of the probe as built. Figure 2 is a photograph of two probes.

Probe Characteristics—Two additional advantages have resulted from
the construction of the ultrasonic probe just described. The first is that the
probe design offers complete electronic shielding. This results in the elimi-
nation of “‘noise” (for example, from lighting fixtures) that often hinders
ultrasonic measurements. The second and probably most practical advan-
tage of the probe design is the increase in durability of the probe system.
Piezoelectric crystals can and have been successfully used by themselves,
but, due to their cost and delicate nature, their uses are often limited. The
probe design results in the possibility of greater pressure between probe
and specimen and less chance of breakage during normal laboratory handl-
ing. The use of these probes underwater is also possible due to the imper-
meable characteristics of the probe design.

Materials

The soil used in this investigation was a processed silty clay of low plasti-
city. The material has a liquid of 25 percent, a plastic limit of 15 percent,
a shrinkage limit of 13 percent, and a specific gravity of 2.67. Hydrometer

Tungsten-Araldite Backing Hot Lead Soldered to Face
of Crystal
Piezoelectric Crystal Brass Shimstock Soldered

to Crystal and Housing

Coaxial Cable

Metal Housing D=’_

FIG. 1—Section of probe assembly.
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FIG. 2—Ultrasonic probes.

analyses indicate 80 percent finer than 0.05 mm and 35 percent finer than
0.005 mm.

Specimen Preparation

Specimens were prepared to predetermined void ratios and degrees of
saturation. The amount of material needed to produce a given void ratio
in a standard 100-mm (4 in.) compaction mold was determined. The re-
quired amount of water was added to the soil to produce the desired degree
of saturation for that void ratio. The material and water were compacted.
Compaction to a uniform void ratio was accomplished by compacting the
specimen in five layers. Each layer was the same weight (the sum total was
the original amount of soil plus water) and was compacted in layers with
equal compacted thicknesses (the total height was the height of the lower
section of a compaction mold). Compaction was accomplished by use of a
2.4- or 4.5-kg (5.5 or 10 Ib) compaction hammer dropped various times and
from various heights to obtain the specified height of layer. The specimen
was then wrapped in cellophane, waxed, and stored for later use.

Void ratios were varied from 0.30 to 0.60 in 0.05 increments and the
degrees of saturation were varied from 30 to 100 percent in 10 percent
increments. It was found that specimens with water contents less than
about 6 percent could not be adequately compacted; specimens with water
contents less than this amount cracked and broke at interfaces between
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layers. Therefore, specimens with lower degrees of saturation could not be
made for soil specimens with void ratios lower than 0.45.

Testing Techniques

The advantages of ultrasonic testing methods lie primarily in that the
method is nondestructive, dynamic, and is easily and rapidly performed.
In addition, the imparted strains (10~* percent or less) are small enough
such that the material approximates elastic behavior. As previously noted,
Sheeran, Baker, and Krizek [4] used pulse velocity techniques for moisture
content and density relationships. Similar results were found by Leslie [5].
Manke and Galloway [6] made use of the pulse technique to generate
longitudinal waves through the soil. Lawrence [7] used pulse techniques in
the investigation of various parameters on the effect of shear wave velocity.

Since little information on pulse testing could be found, and also since
the performance of the apparatus developed at the University of Missouri-
Rolla was unknown, it was necessary to investigate the effect of specimen
size, pulse width, rate of repetition of the pulse, pulse amplitude, and
pulse frequency on the transmitted pulse.

It should be noted that the ultrasonic testing techniques employed in
this study made use of the direct-transmission method. The use of this
method was necessary due to the significant amount of scatter associated
with the multiple reflections and longer path lengths typical of other
methods.

Specimen-Supporting Devices and Acoustic Coupling

The specimen-supporting device initially employed in this study was a
testing frame normally used for unconfined compressive strength tests of
soils. The proving ring normally used for load measurement was replaced
by a much lighter ring constructed from Plexiglass. This smaller ring was
used in obtaining constant pressure between the probes and the test speci-
men. The load-deformation characteristics of the ring were determined,
and a constant-contact load between specimen and probes was obtained by
raising the load platen, specimen, and probes until the ring compressed
a specified distance.

The main advantages of this specimen holding device is its simplicity.
Specimens can be mounted, tested, and removed quickly and with little ef-
fort. The constant pressure obtained using this device is also advantageous,
minimizing any deviations due to changes in coupling pressures.

As in other studies [1,8], pressure coupling of thé probes to the speci-
mens did not always prove adequate. Better-quality results were obtained
through the use of an intermediate coupling material. Silicone grease was
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employed as a coupling medium and proved adequate for measurements
involving velocity determination.

Specimen Size—Tests were conducted on specimens with void ratios of
0.45 and 0.50 and degrees of saturation of 85 and 77 percent, respectively.
Specimens 10.2 and 5.1 cm in diameter with lengths varying from 1.3 to
7.6 cm, in 1.0-cm increments, were studied. It was generally found that
specimens 10.2 cm in diameter provided more clearly defined wave forms at
all pulse widths than those 5.1 cm in diameter. From these tests it was
also concluded that a length of 6.25 cm provided optimum transmission
results.

Typical results are shown in Fig. 3. This tracing is from a specimen
with a void ratio of 0.50 and a degree of saturation of 77 percent.

Point A on the trace represents the arrival of the compression wave. De-
fining the arrival of the P-wave is usually not a problem, as can be seen
in the figure, since the wave arrival is quite sharp.

Point B is the arrival of the shear wave. The arrival of the shear wave
as shown in Fig. 3 and most of the other 10.2 cm specimens was defined as
being the point where a strong change of pulse direction was noted, after
which there occurred numerous smaller peaks representing the resonant
frequency of the crystal in the shearing mode. Points C and D in Fig. 3
represent one cycle of a wave at the resonant frequency. The computed
frequency of these waves is about 96 kHz, which corresponds closely to the
manufacturer’s specification of 90 kHz.

F1G. 3—Typical wave trace.
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Point E represents the arrival of the Rayleigh wave. The Rayleigh wave is
usually characterized by a long period and large amplitude.

Pulse Width and Interval—Once specimen length and diameter were
determined, optimum pulse width and pulse interval needed to be investi-
gated. Tests conducted on a specimen with a void ratio of 0.54 and degree
of saturation of 70 percent determined that a pulse width of 5 to 7 us and a
pulse interval of 2 ms obtained optimum wave forms. Interference from
previous waves was nonexistent.

Pulse Amplitude—The amplitude of generated and received pulses is a
function of the voltage applied to the generating crystal. It is desirable to
use a combination of voltage from the pulse generator and oscilloscope
magnification factor to obtain an oscilloscope trace that uses the full height
of the oscilloscope scale but yet keeps noise levels low and maintains as
narrow a trace as possible. An amplitude of 600 V was usually adequate
for wave transmission, but occasionally voltages up to 1100 V combined
with large magnification factors had to be used.

Pulse Frequency—Limitations on frequency as well as the frequencies
of the crystals used in this investigation have been discussed previously.
The 0.37-mm crystal was not used when testing soils; a combination of
the pressure required for coupling, the roughness of the surface, and the
delicacy of the crystal prohibited its use.

The 3.18-cm crystal was used in this investigation and had a frequency
such that the crystal in both the radial and thickness mode had wavelengths
larger than most of the grain sizes. However, since attenuation does in-
crease as wavelength approaches grain size, some scattering could be attri-
buted to the frequency of the crystals. Also dependent upon wavelength is
the length of the near field, which has an effect on mode conversion. The
6.35-cm-length specimens are within the near field.

Velocity and Damping Measurements—As previously stated, measure-
ment of longitudinal wave velocity allows the calculation of several impor-
tant dynamic material parameters that are descriptive of the dynamic na-
ture of the test material. In addition, measurement of different arrival
times of a given wave could possibly be made and a measure of the wave
attenuation properties of the media ascertained.

When a piezoelectric crystal is excited, all three types of wave forms are
generated (compression, shear, and surface). The first wave to arrive at
the receiver will be that with the greatest velocity, namely, compression
waves. Since shear wave velocity and Rayleigh wave velocity are approxi-
mately equal, the arrival times may be about the same and some difficulty
distinguishing waves may result. Identification is usually not much trouble,
however, because the Rayleigh wave has a much larger amplitude than
the shear wave. These waves may be distorted by reflected and refracted
longitudinal waves due to longer path lengths.

A portion of the wave energy is lost at the specimen/receiver interface.



190 DYNAMIC GEOTECHNICAL TESTING

As a result, some of the energy is reflected back to the source crystal and
back to the receiver crystal. The travel time of this wave is about three
times the time required for the first wave to arrive. The arrival of this
wave is important in attenuation measurements and may distort arrivals of
other wave forms. Measurement of the difference in amplitude between the
first and second arrival of the P-wave divided by the travel distance between
first and second arrivals gives the amount of attenuation per unit length.

Test Results and Discussion

Any testing technique is of value if and only if results are indicative of
the actual properties of the material being tested. It is believed that the
results of the test method used in this investigation satisfy these criteria,
yield behavioral patterns as expected, and are compatible with results ob-
tained by other investigators using the same or a similar technique. The
test results reported here, although not conclusive, compare favorably with
the results of other investigators who used different investigative methods.
The influence of void ratio, and degree of saturation upon compression
and shear wave velocity, and hence Young’s modulus, shear modulus, and
Poisson’s ratio, were of primary concern in this study. Of equal signifi-
cance in this study was the evaluation of a high-voltage pulse generator for
ultrasonic testing developed at the University of Missouri-Rolla. The re-
sults presented herein are to be considered indicative only of the material
tested.

Dynamic Material Properties

Forty-eight tests of compacted soil at seven void ratios and eight varying
degrees of saturation were made in this study. As stated previously, some
specimens with lower degrees of saturation were not tested for void ratios
below 0.45.

The dynamic material parameters studied and their relationship to void
ratio and degree of saturation are presented and discussed in the following
subsections.

Young's Modulus—Figure 4 shows a plot of E-modulus versus void ratio
for given ranges of degree of saturation. For clarity, the actual data points
have not been shown, but it should be noted that a scatter of data points
was present. The lines shown in Fig. 4 represent equations obtained by
linear regression analysis. The data had correlation coefficients between
—0.88 and —0.98.

As expected, Young’s modulus decreases with increasing void ratio for
all degrees of saturation. Since moduli values are dependent on velocity, it
should follow that the moduli of a soil would behave as the velocity with re-
spect to void ratio. However, moduli values are also influenced by the den-
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FIG. 4—Modulus versus void ratio.

sity of a soil, which will result in minor deviations of linear plots when
compared against velocity data.

It can be seen that the data have approximately the same slope except
for the 35 to 45 percent degree-of-saturation range line. This deviation is
attributed to the difficuity in obtaining good coupling between specimen
and transducer for soil specimens in this range. This coupling difficulty
also explains lower compression wave velocities for the 35 to 45 percent
saturation range which are reflected in moduli values.

Increasing the degree of saturation at a given void ratio generally in-
creases the moduli values. A slight discrepancy occurs between the degree
of saturation range of 45 to 55 percent and S5 to 65 percent. However, the
difference between the two cutves is small and may be attributed to coupling
or oscilloscope normal data reading scatter.

Shear Modulus—A plot of the linear regression analysis of shear modu-
lus versus void ratio is shown in Fig. 5. Correlation coefficients are between
—0.90 and 0.91.

Since shear wave velocity decreases as void ratio increases, it is not sur-
prising that shear moduli exhibit a similar tendency. The decrease of
moduli for increase in void ratio can be explained by the fact that, as a
rule, for the same material with an identical stress history, an increase in
the amount of voids will decrease the shearing resistance for a given amount
of strain and consequently reduce the shear modulus. A similar explana-
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tion can account for the decrease of Young's modulus with increase of void
ratio.

For a given void ratio, shear moduli increase with degree of saturation.
As was explained earlier, shear wave velocity for an increase in degree of
saturation at a given void ratio should remain constant. Because of the way
in which shear modulus is defined in Eq 2, any variation in shear modulus
should be due to an increase in unit weight, which increases with degree
of saturation. One would therefore expect shear modulus to increase at a
given void ratio for an increase of degree of saturation. Additional increase
of shear modulus can be attributed to variation of shear wave velocity.

Values of shear moduli obtained in this text and another investigation
are shown in Fig. 6. The data of Hardin and Black [9] were obtained from
tests performed on a clay material by means of a modified triaxial apparatus
for pressures of 138 to 690 kPa (20 to 100 psi). Differences of results are
due to variation of material, parameters studies, and ranges of strain en-
countered.

Poisson’s Ratio—Results of Poisson’s ratio were too scattered to reveal
any definite relationship. However, when several data points are deleted,
a relationship of decreasing Poisson’s ratio with increasing void ratio can
be noted. At a given void ratio, an increase in degree of saturation gave a
slight decrease in Poisson’s ratio. The scatter of Poisson’s ratio can be at-
tributed to the fact that calculation of Poisson’s ratio is highly sensitive to
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FIG. 6—Comparison of moduli values.

velocity changes. A 10 percent change in velocity may change Poisson’s
ratio by as much as 100 percent.

Damping

Measurements of material damping could not be made with the test
setup used. In order for the damping of a wave to be measured, it is neces-
sary to detect the first arrival of a wave form and also the wave that is
reflected and arrives at a time three times the first arrival. This could not
be done because of large surface waves which were encountered at three
times the first arrival. These surface waves masked all other wave forms.
Recommendations for damping measurements are made later.

Conclusions

Of primary importance in this study was the investigation of the possi-
bility of evaluating Young’s modulus, shear modulus, Poisson’s ratio, and
damping for a soil by use of a pulse velocity technique. This test would
be of value because it would provide a quick, nondestructive method of
determining soil parameters appropriate for dynamic analysis at strain
ranges smaller than tests presently available.

From test data described herein, it can be said that it is possible to
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measure ultrasonic wave velocities through soil, and the testing procedure
employed for the determination of wave velocities can be used to define
the dynamic properties of interest. The possibility also exists that parame-
ters as determined by this testing technique can have some application in
the design, control, and investigation of soils subject to small-strain dynamic
loadings such as machine vibrations, microtremors, and vehicular traffic
vibrations.

One technique of evaluating dynamic soil moduli subjected to earth-
quake-level strains is to conduct dynamic-triaxial or resonant-column tests,
determine the moduli at that strain level, and then apply a reduction factor
to approximate the moduli at the higher strains [10]. The ultrasonic tech-
nique could substitute quite easily and readily for the triaxial or resonant-
column test methods.

The ultrasonic tests were conducted only on unconfined specimens of co-
hesive soils. Other researchers have suggested that the ratio of dynamic
modulus [6] to undrained shear strength (s.) does not vary widely from one
soil to another [10]. Plots of this ratio for varying strain levels allow ex-
trapolation from low-strain tests to large-strain moduli values.

No ultrasonic tests were conducted on cohesionless soils. It is recognized
that the dynamic moduli of sands are strongly influenced by confining
pressure, and modification of a triaxial compression chamber to allow
ultrasonic testing under multidirectional loading, while expected to be
relatively simple to do, has not been done at this time.

The following conclusions are based on the material and test procedure
outlined in the paper. Testing of a wider range of materials needs to be
done before general conclusions can be made.

1. It is possible to generate and detect ultrasonic compression and shear
waves in a soil material with equipment developed at the University of Mis-
souri-Rolla.

2. Specimen size does affect velocity measurements; length affects the
intensity of a wave at the receiver; and diameter directly influences the
arrival of the large-amplitude Rayleigh wave. There exists a specimen
geometry that results in optimum testing conditions.

3. Optimum pulse duration, interval, amplitude, and frequency vary
within a soil and it is suspected that these parameters will differ from soil
to soil.

4. Compression and shear wave velocity tends to decrease with an in-
crease of void ratio for a given band of degree of saturation. Shear wave
velocities do not decrease as rapidly with increase of void ratio as compres-
sion wave velocities.

5. At a constant void ratio, wave velocity generally increases with degree
of saturation.

6. Young’s modulus and shear modulus have behaviors similar to that of
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the corresponding velocity. As with velocity measurements, G-modulus did
not decrease as rapidly as Young’s modulus.

7. Data points of Poisson’s ratio versus void ratio were widely scattered,
but a general trend of a decreasing Poisson’s ratio with increasing void
ratio was noted.

8. Damping could not be determined with the test procedure used.
However, tests on an asphalt-aggregate specimen using these techniques
have been able to measure relative attenuation. It is believed that crystals
selected with dampling movements foremost in mind would allow such
measurements to be made in soil materials. In such techniques, the at-
tenuation of the wave through the test material could be related to the
attentuation in a reference material.
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ABSTRACT: Engineers concerned with the development of Alaska and other highly
seismic areas underlain by permafrost must have knowledge of dynamic properties
of frozen soils under earthquake loading conditions. In response to this need, a cyclic
triaxial test system and test methods have been developed to evaluate the dynamic
Young’s modulus and damping ratio of artificially frozen.soils over a range of test
conditions which simulate earthquake loadings of permafrost deposits.

The test system developed represents a coupling of conventional closed-loop cyclic
triaxial equipment to evaluate the dynamic properties of unfrozen soils with conven-
tional temperature control equipment to evaluate static properties of frozen soils.
On-line, real-time data processing has been achieved by coupling a minicomputer
to the test system. With the test system, the dynamic Young’s modulus and damping
ratio can be determined over a range of axial strain amplitudes from 3 x 1073 to
10! percent, temperatures from —1 to —10°C (30 to 14°F), frequencies from 0.3
to 5.0 Hz, and confining pressures from 0 to 1400 kN/m? (200 psi). An extensive
laboratory program was undertaken to establish suitable methods of specimen prepara-
tion, specimen installation, and testing for artificially frozen specimens of clay, silt,
sand, and ice.

At present there is no standard test procedure to evaluate dynamic properties of
frozen soils under simulated earthquake loading conditions. The material presented
provides a basis for the development of a standard test procedure.

KEY WORDS: cyclic loading, damping, dynamics, earthquakes, frozen soils, geo-
technical engineering, ice, permafrost, triaxial tests, Young's modulus, soils

Alaska is located in one of the world’s most active seismic zones. Nearly
500 earthquakes of Richter Magnitude 6 or greater have occurred there
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since the 1800’s [/].# Further, 85 percent of Alaska lies within a perma-
frost region, that is, a region of perennially or permanently frozen ground
[2]. The need to evaluate the dynamic properties of frozen soils under
simulated earthquake loading conditions for seismic studies in Alaska is
apparent.

Dynamic properties of frozen soils have been evaluated from geophysical
field studies [3-13] and from forced-vibration [/4,15], ultrasonic [16-25],
and resonant-column tests [26,27] in the laboratory. The results from these
studies, however, do not simulate earthquake loadings of permafrost de-
posits. Specifically, little or no work has been done to evaluate dynamic
properties of frozen soils under the following test condition parameters:

1. temperature in the range of —4 to 0°C (25 to 32°F),
2. confining pressure,

3. shear strains greater than 10 -3 percent, and

4. frequency over a range of 1 to S Hz.

These parameters are of particular significance in studies concerned with
ground motion predictions of permafrost deposits during earthquakes. The
mean annual air temperature (MAAT) over a considerable portion of
Alaska is in the range 0 to —6°C (32 to 21°F) [2]. In general, the MAAT
is about 0.5°C (1°F) higher than the mean annual ground temperature
(MAGT) at the surface [28]. (This is due to the heat absorbed in the pro-
cess of surface evaporation.) Therefore, a considerable portion of Alaska
will have MAGT’s between —0.5 and -6.5°C (31 and 20°F). The tem-
perature in permafrost increases from close to the MAGT to 0°C (32°F) at
some depth below the surface, on an average thermal gradient of 0.033°C/m
[28]. Consequently, over a considerable portion of Alaska much of the
permafrost should be in a range of —4 to 0°C (25 to 32°F). For deposits
where the MAGT is —4°C (25°F) or higher, the entire deposit will be in
this range. For deposits where the MAGT is —6.5°C (20°F) and the aver-
age thermal gradient is 0.033°C/m, approximately two thirds of the de-
posit will be in the range —4 to 0°C (25 to 32°F).

Ground motion analyses for unfrozen soil deposits are conducted for a
wide range of depths of deposit, generally associated with the depth to
bedrock. Where the soil deposit is particularly deep, the deposit is often
assumed to extend to a depth of approximately 200 m (600 ft). In either
case, it is apparent that there will be a significant variation in confining
pressure which should be considered in the determination of dynamic
properties. While it might be difficult to determine the actual value of
confining pressure in a permafrost deposit, it is reasonable to assume that
the confining pressure would vary significantly over the depth associated
with a ground motion analysis. Therefore, the dynamic properties of the

4The italic numbers in brackets refer to the list of references appended to this paper.
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frozen soils should also be evaluated over a range of confining pressures
to establish if there is a strong dependence on confining pressure.

The dynamic properties of frozen soils have been evaluated from very low
shear strains up to about 10 -3 percent by previous investigators [29]. With-
in this range, Stevens [27] states that the effect of strain (dynamic stress)
on the dynamic modulus is, in general, small. It should be noted, however,
that up to 10 -3 percent, the effect of strain on dynamic properties of un-
frozen soils is also small. At greater strains associated with moderate to
strong motion earthquakes, the dynamic modulus drops off sharply, while
material damping increases. Similar behavior might be expected for frozen
soils, particularly if they are in the temperature range —4 to 0°C (25 to
32°F).

Earthquake loadings can be thought of as a composite of harmonic
oscillations, each with its own frequency and amplitude. As either distance
or magnitude of the shock increases, the greater will be the proportion
of low-frequency components. It is generally felt that strong motion earth-
quakes can be represented by frequencies of loading in the range of 1 to
S Hz.

Purpose and Scope of Studies

The purpose of the work described herein was to develop a testing sys-
tem and test methods to evaluate dynamic properties of frozen soils over a
range of test conditions which simulate earthquake loadings of perma-
frost deposits. The scope of the work reported includes (1) a discussion of
the selection of the test system from several alternatives, (2) a description
of the test system, (3) a discussion of the specimen preparation techniques
and test procedures, (4) a presentation of representative test results, and
(5) a discussion of the application of the results of the work to the develop-
ment of a standard test procedure to evaluate dynamic properties of frozen
soils under simulated earthquake loading conditions.

Selection of Test System

Given the test condition parameters just mentioned, the criteria for the
development of a test system to evaluate dynamic properties of frozen soils
were considered to be

1. temperature control over a range 0 to ~ 10°C® (14°F) + 0.1°C(0.2°F),

2. control of confining pressure over a range O to 1400 kN/m? (200 psi)

+ 10 kN/m? (1.5 psi),
3. control of strain amplitude over a range 10 -3 to 1 percent, and
4. control of frequency over a range 1 to S Hz.
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At the onset of the research work it was decided to couple existing equip-
ment to evaluate the dynamic properties of unfrozen soils with existing
temperature control equipment to evaluate the static properties of frozen
soils. It was felt that this approach would significantly expedite the develop-
ment of a test system to evaluate the dynamic properties of frozen soils.

The strain amplitude and frequency range of interest in the test program
dictate that only three dynamic test devices be considered:

1. cyclic triaxial,

2. cyclic simple shear, and

3. cyclic torsional shear.

In the cyclic triaxial test a cylindrical specimen is placed in a triaxial
cell and confined to an initial isotropic stress state, as shown in Fig. la.
An axial load is cycled on the specimen, causing a reversal of shear stresses
in the specimen which are a maximum on 45-deg planes. The axial load
produces a deviator stress in the specimen, that is major principal stress
minus minor principal stress, 0; — o3. Typical test results expressed in
these terms for one cycle of loading are shown in Fig. 1a. From this record,
the dynamic Young’s modulus, E,, and damping ratio, A\, may be calcu-
lated as follows

Ed = 0 max deviator (1)
€ max axial
AL
)\ B 41l'A T (2)

with the terms as defined in Fig. la. A represents the total dissipated
energy per cycle and A r the work capacity per cycle.

In cyclic simple shear testing, an axial load is applied to a specimen
which is not allowed to move in the lateral direction. This establishes an
initial anisotropic state of stress as shown in Fig. 15. A cyclic horizontal
load is applied to the top (or base) of the specimen which causes a reversal
of shear stresses on both the horizontal and vertical planes as shown in
Fig. 1b. The resulting symmetric shear stress versus shear strain relationship
is shown in Fig. 15. The shear modulus, G, and damping ratio are calcu-
lated as follows

G = Tmax 3)

%Y max

5_10°C (14°F) was selected as the lower limit of temperature because (1) it is felt that
most of the water in the voids of a frozen soil would be frozen at this temperature if it would
freeze at all; and (2) this is close to the lower limit of temperatures at which permafrost
deposits exist.
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with the terms as defined in Fig. 15. Two types of simple shear devices are
presently available. The Cambridge device uses specimens with a square
cross section which are completely surrounded by a steel container. The Nor-
wegian Geotechnical Institute (NGI) device {(or modifications of it) uses a
specimen with a round cross section surrounded by a wire-reinforced rub-
ber membrane which prevents lateral expansion of the specimen during
shear.

In a typical torsional shear test, a hollow cylinder of soil is subjected to
an initial anisotropic state of stress and the specimen is cyclically twisted
to subject it to a reversal of shear stress as shown in Fig. 1b. If the fre-
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quency of loading is slow enough, then inertia forces will not be significant
and the load-deformation relationship measured at the specimen top cap
will represent the load-deformation relationship for the specimen. The
shear stress and shear strain vary with radius in the test specimen. How-
ever, acceptable results are obtained when the behavior is correlated with
the average strain in the specimen. Shear modulus and damping ratio
are calculated as in the cyclic simple shear test.

During an earthquake, in many cases, the main forces acting on soil
elements in the ground are due to the upward propagation of shear waves
from underlying rock formations. Before the earthquake an element of soil
in the ground is in an anisotropic stress state. During an earthquake the
element will be deformed through the development of shear stresses on
horizontal and vertical planes [30]. The stress conditions on an element of
soil before and during an earthquake are represented in principle in the
cyclic torsional and simple shear test (see Fig. 15), but not by the cyclic
triaxial test (see Fig. la). Accordingly, the shear modulus obtained in a
cyclic torsional or simple shear test can be used to predict ground surface
motions during earthquakes using presently available analytic techniques
[31], whereas the dynamic Young’s modulus obtained in a cyclic triaxial
test must be converted to a shear modulus by employing

__ Es
=20+ ®)

where
u = Poisson’s ratio.

Temperature control of frozen soils during testing can be achieved by
employing any one of three methods:

1. placing the test equipment (all or part) in a cold room or environ-
mental chamber,

2. circulating a coolant in a cold bath around a cell containing the frozen
soil specimen and noncirculating coolant, or

3. circulating coolant through a coil placed around the frozen soil speci-
men which is inside a cell containing a noncirculating coolant.

The latter two techniques are shown in Fig. 2.

The use of a cold room to control temperature has four disadvantages:

1. a high initial and operating cost,

2. personnel conducting the tests have to work at subfreezing tempera-
tures,

3. temperature fluctuations can easily be greater than = 0.1°C (0.2°F),
and
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FIG. 2—Laboratory temperature control devices.

4. the dynamic equipment must operate at subfreezing temperatures
since it would (in all probability) be inside the cold room.

The first, second, and third disadvantages were considered serious enough
to rule out the use of a cold room in the test program. An environmental
chamber has the first and third disadvantages and was eliminated on this
basis.

Given the fact that a cold room or environmental chamber would not
be used, it was recognized that coupling a cyclic simple shear device with
either of the temperature control devices shown in Fig. 2 would be an
extremely difficult task. Further, if the Cambridge device was used, it
would be difficult to prepare the test specimens. If the NGI device was
used, it was doubtful that the wire-reinforced rubber membrane would
perform well at cold temperatures and prevent lateral expansion of the
specimen during shear. Therefore, the cyclic simple shear device was
eliminated from further considerations.

A cold bath with a coolant circulating around a cell containing a frozen
soil specimen and nonciruculating coolant is a relatively simple, inexpensive
temperature-control system. It has a slight advantage over a cooling coil
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system in that it is easier to install a specimen in a triaxial cell in a cold
bath. On this basis the cold bath was chosen over the cooling coil.

At this point only two test system configurations are possible:

1. Cyclic triaxial test equipment coupled with a cold bath.

2. Cyclic torsional shear test equipment coupled with a cold bath.

The cyclic triaxial device has the advantage of being a more conventional
piece of test equipment than the torsional shear device. A greater backlog
of information exists for this test device than for the cyclic torsional shear
device. This could prove to be a valuable asset in the overall research pro-
gram. Further, it would be easier to prepare an artificially frozen solid
cylindrical specimen than it would be to prepare a hollow cyclindrical
specimen. Naturally frozen core specimens could be tested directly with
the cyclic triaxial equipment, whereas the cores would have to be hollowed
out for the torsional shear device. For these reasons, it was decided to
couple the cyclic triaxial test equipment with the cold bath to evaluate
the dynamic properties of frozen soils.

Description of Cyclic Triaxial Test Equipment

Figure 3a and b shows a schematic diagram of the cyclic triaxial test
system developed in the research program. The test system consists of four
basic components:

1. An electrohydraulic closed-loop test system (actuator, servovalve,
hydraulic power supply, servovalve controller, hydraulic controller, and
function generator) which applies a cyclic axial load (deviator stress) to the
frozen specimen.

2. A triaxial cell which contains the specimen and noncirculating coolant.

3. A refrigeration unit and cold bath which circulates the coolant around
the triaxial cell.

4. Transducers, and output recording and monitoring devices (load cell,
spring-actuated gage head with a linear variable differential transformer
(LVDT), thermistors, strip-chart recorder, digital multimeter, and storage
oscilloscope) to monitor the load (stress) and displacement (strain).

Electrohydraulic Closed-Loop Test System

The heart of the test setup is the electrohydraulic closed-loop test system.
It consists of a commercially available 0.010 m3/min (6.0 gpm), 20700
kN/m? (3000 psi) hydraulic power supply, a hydraulic control unit with a
function generator, a servovalve controller with command and feedback
signal conditioning, and a 5000 kg (11 kip) actuator with a 0.057 m3/min
(15 gpm) servovalve. Referring to Fig. 3¢, the system operates as follows:

1. A command signal (voltage) from the function generator or other
external source is input to the servovalve control unit where it is compared
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with the feedback signal (voltage) from a transducer (a load cell or LVDT)
monitoring the response of the specimen in the closed loop.

2. The difference (error) between the two signals is amplified and applied
to the torque motor in the servovalve coupled to the actuator.

3. The torque motor drives a pilot stage which in turn drives a power
stage of the servovalve, which directs hydraulic fluid under pressure to
one side or the other of the double-sided actuator piston to cause the
actuator to move.

4. The movement of the actuator causes the specimen to respond in
such a way that the transducer monitoring the specimen ‘‘feeds back™ a
signal equal to the command signal.

The speed at which these steps are executed causes the specimen, for
all practical purposes, to be subjected to a loading equal to the command
signal. A more complete treatment of electrohydraulic closed-loop testing
theory is given by Johnson [32].

Triaxial Cell

A schematic of the triaxial cell inside the cold bath is shown in Fig. 3b.
The cell is 180 mm (7.2 in.) in diameter and 350 mm (14 in.) high. An
aluminum cell was chosen over steel or Lucite for three reasons:

1. It has sufficient strength to allow testing at high confining pressure
(compared with Lucite).

2. It is lightweight for ease of handling (compared with steel).

3. It has a higher thermal conductivity (compared with steel and parti-
cularly with Lucite) to insure that the noncirculating coolant inside the
bath remains at a temperature approximately equal to the coolant circulat-
ing outside the bath.

Two thermistors were attached to the 71-mm-diameter (2.8 in.) and
178-mm-high (7.1 in.) specimen to monitor its temperature during the
test. An LVDT in a spring-actuated precision-gage head was attached
across the specimen to the cap and base to monitor displacement. The
output of this LVDT was also the feedback signal in the closed loop. A
load cell attached to the base plate of the cell monitors the load.

When the spring-actuated gage head LVDT is mounted at the side of
the specimen, care must be taken to insure that tilting of the specimen
cap or base does not influence the LVDT displacement reading. A device
developed in this research program to eliminate any error associated with
tilting is shown in Fig. 3d. It consists of three basic components:

1. A base clamp (attached to the specimen base) with a connecting rod
for the gage head body and a connecting rod to the cap assembly.

2. An antitilt ring connected to the cap assembly connecting rod with
a piece of spring steel. The antitilt ring has a diameter 6.3 mm (0.25 in.)
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greater than the specimen cap to allow free movement about the cap. It
has a screw-adjustable bearing plate which contacts the gage head probe
shaft.

3. A cap clamp (attached to the specimen cap) attached to the antitilt
ring with two springs steel leaves.

The spring steel leaves between the antitilt ring and the cap clamp act
as a pivot point. Any (slight) tilt of the specimen cap will not be transmitted
through the spring steel. As the specimen cap moves, the probe shaft of the
gage head in contact with the bearing plate is forced to move because the
antitilt ring is fixed to the base clamp with the cap assembly connecting
rod. The movement at the pivot point causes the displacement measured
at the gage head to be twice that of the specimen at the centerline. (This
is another advantage of the antitilt assembly ... it effectively doubles the
output of the LVDT for a given specimen displacement.)

The two thermistors used to monitor temperature of the specimen were
calibrated with a laboratory thermometer with a scale division of 0.1°C
(0.2°F). The thermistors were capable of reading to the nearest 0.1°C
(0.2°F). The temperature of a specimen was obtained by averaging the
readings of the two thermistors.

Cooling System

The cold bath is approximately 0.35 by 0.35 by 0.46 m (1.1 by 1.1 by
1.5 ft) and contains 0.048 m? (1.7 ft3) of circulating coolant, excluding
the volume of the triaxial cell. The bath was constructed so that the coolant
enters at the bottom and returns to the refrigeration unit from a line at the
top of the bath. This is shown in Fig. 2a. It is important to insulate the top
of the cold bath as this represents a potential source of heat loss in the
cell (and specimen through the cell top plate). Two 25-mm-thick (1 in.)
sheets of styrofoam were used for this purpose. In addition, coolant was
‘“washed” across the top plate of the cell through an auxiliary circulating
line. With these precautions it was found that the temperature inside the
cell adjacent to the specimen did not vary appreciably along the length of
the specimen.

To ensure that thermal equilibrium had been reached in the specimen
and the coolant surrounding it in the cell, temperature measurements were
made at the center of ice and frozen clay specimens and adjacent to the
specimen, as show» in Fig. 4. The figure illustrates the variation of tem-
perature as a fuv .tion of time for three test conditions. In one test (Fig.
4a) an ice specimen and stainless steel cap and base were at an initial tem-
perature of — 16°C (3°F) and the coolant inside the cell was at a tempera-
ture of —12°C (10°F). After approximately one hour, the temperature of
the specimen (measured with a thermistor frozen in the center of the speci-
men) and the coolant inside the cell were equal and remained constant.
Similar results were obtained when an aluminum cap and base were used
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FIG. 4—Specimen temperature versus time for different test conditions.

with an ice specimen (Fig. 4b) and when a stainless steel cap and base were
used with a clay specimen (Fig. 4c).

The temperature of the coolant in the refrigeration unit was controlled
by a mercury thermometer thermostat submerged in the coolant. The tem-
perature difference between the cold bath and refrigeration unit was ap-
proximately 0.5°C (1°F) as shown in Fig. 4a, b, and c. Therefore, it was
possible to set the thermostat in the refrigeration unit and obtain any test
temperature desired with reasonable accuracy. The average temperature
in the specimen did not vary by more than + 0.1°C (0.2°F) during a test.

Output Recording and Monitoring

The dynamic Young’s modulus and damping ratio were calculated from
Eqs 1 and 2. The maximum deviator stress and axial strain were evaluated
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by measuring the amplitude of the load and displacement trace on the
strip-chart recording obtained during a test, and dividing by the cross-
sectional area and length of the specimen, respectively. The damping ratio
was evaluated from the photographic record of load versus displacement
obtained with the storage oscilloscope. Specifically, the area of the hys-
teresis loop, A;, was measured with a planimeter from an enlargement of
the photographic record, and the work capacity per cycle was determined
by measuring the amplitude of load and displacement from the enlarged
record. A digital multimeter was used to monitor the voltage output from
the load cell and LVDT and thermistor resistance during the test as re-
quired.

The frequency response of the strip-chart recorder was checked and it
was determined there was no variation in the amplitude of the input signal
when the frequency was varied from 0.05 to 50 Hz. There is no variation
in the amplitude of the input signal to the storage oscilloscope over a much
greater range of frequency. In this respect the storage oscilloscope has a
great advantage over an x-y recorder for which there can be significant
mechanical hysteresis for frequencies greater than 0.3 Hz.

The signal from the load cell and LVDT has “noise” at very low voltage
output. This *‘noise’” was not visible on the traces on the strip-chart record-
er; however, it was recorded on the storage oscilloscope. To eliminate the
“noise,” the input signals to the storage oscilloscope were filtered. Extreme
care was taken to avoid any ‘‘phase offset”’ between the channels. However,
the filtering caused some attenuation of the input signals. The attenuation
appeared to be somewhat dependent on frequency. Consequently, the dy-
namic Young's modulus could not be determined from the hysteresis loop
recorded with the storage oscilloscope without many calibrations. To avoid
these calibrations, only damping ratio was determined from the hysteresis
loops recorded. This could be done because damping ratio is a nondimen-
sional parameter.

During the latter stages of development of the test system a minicom-
puter was used for on-line, real-time data processing. As expected, this
afforded significant time savings in the data reduction effort. For example,
it took one day's computational effort to reduce and check the test results
“by hand’’; it took ¥2 h of additional testing time to reduce and check
the test results with the minicomputer. However, the strip-chart recorder
and storage oscilloscope are still employed to obtain permanent records
of the analog output from the load cell and LVDT.

Specimen Preparation and Specimen Coupling Device

Cylindrical specimens 71 mm (2.8 in.) in diameter and 178 mm (7.1 in.)
in height were tested in the research program. All of the specimens tested
were reconstituted materials artificially frozen in the laboratory. A descrip-
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tion of the specimen preparation techniques for (1) fine-grained soil speci-
mens, (2) dense coarse-grained soil specimens, (3) loose coarse-grained soil
specimens, and (4) ice are given in Table 1. To date, specimens of frozen
clay, frozen silt, dense and loose frozen sand, and ice at two densitites

TABLE 1—Specimen preparation techniques.

A. Fine-Grained Soil Specimens

1. The air-dried, fine-grained materials previously crushed and screened through a No. 40
sieve were thoroughly mixed with distilled water to a water content slightly greater than
their liquid limit; the resultant slurry was stored under constant moisture conditions for a
period of one week (silts) to one month (clays)

2. The slurry was taken from the constant-moisture environment and isotropically consoli-
dated in a triaxial cell to a cylindrical shape approximately 100 mm (4 in.) in diameter
and 200 mm (8 in.) long. (Differences in the water content of the specimens could be ob-
tained by consolidating the slurry to different confining pressures)

3. The consolidated specimen was taken from the cell and trimmed to a diameter slightly
smaller than the inside diameter of a hollow trifluoroethylene mold

4. The specimen was placed in the trifluoroethylene mold, and the cap and base, with the
coupling device (see Fig. 5b), were forced into the two ends of the mold. (Material trim-
med from the specimen was previously packed tightly around the coupling on the cap
and base)

5. The mold and specimen were placed in a freezer maintained at a temperature of ~30 =
1°C (-22 * 2°F) for approximately 24 h; the frozen specimen was then extruded from
the mold

B. Dense Coarse-Grained Soil Specimens

1. A hollow cylindrical trifluoroethylene mold, with the specimen base inserted in one end,
and the specimen cap was placed in a freezer maintained at a temperature of —30 *
1°C (—22 + 2°F) for approximately one hour. Both the cap and the base have a coupling
device (see Fig. 5b)

2. The trifluoroethylene mold was filled to within 50 mm (2 in.) from the top with a mixture
of precooled coarse-grained soil and water

3. The specimen cap was forced into contact with the coarse-grained soil/water mixture. The
excess water was released through a small hole in the cap. The mold was vibrated to
achieve a high density

4. The mold and specimen were placed in a freezer maintained at a temperature of —30 *
1°C (- 22 = 2°F) for approximately 24 h; the frozen specimen was then extruded from
the mold

C. Loose Coarse-Grained Soil Specimens

1. A hollow cylindrical trifluoroethylene mold, with the specimen base inserted in one end,
and the specimen cap was placed in a freezer maintained at a temperature of ~30 + 1°C
(—22 + 2°F) for approximately one hour. Both the cap and the base have a coupling
device (see Fig. 5b)

2. The trifluoroethylene mold was filled to within 50 mm (2 in.) from the top with a mixture
of precooled coarse-grained soil and loose dry clean snow. Precooled distilled water,
close to 0°C was poured into the coarse-grained soil/snow mixture from the top

3. The specimen cap was forced into contact with the coarse-grained soil/snow/water mixture.

The excess was released through a small hole in the cap

4. The mold and specimen were placed in a freezer maintained at a temperature of —30 +
1°C (-22 + 2°F) for approximately 24 h; the frozen specimen was then extruded from
the mold
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TABLE 1—Continued.

D. Ice Specimens

1. A hollow cylindrical trifluoroethylene mold, with the specimen base inserted in one end,
and the specimen cap was placed in a freezer maintained at a temperature of —~30 * 1°C
(—22 = 2°F) for approximately one hour. Both the cap and the base have a coupling
device (see Fig. 5b)

2. The trifluoroethylene mold was filled to within 50 mm (2 in.) from the top with loose,
dry clean snow passing the No. 4 sieve

3. Precooled distilled water, close to 0°C (32°F), was poured into the snow from the top of the
mold up to 50 mm (2 in.) from the top for high-density ice specimens. (Precooled car-
bonated water was used for low-density ice specimens)

4, The specimen cap was forced into contact with the snow-water mixture. The excess water

was released through a small hole in the cap

. The mold and specimen were placed in a freezer maintained at a temperature of —30 +

1°C (- 22 + 2°F) for approximately 24 h; the frozen specimen was then extruded from
the mold

w

have been prepared using the procedures given in Table 1. The characteris-
tics and a description of these specimens are given in Table 2.

A cohesive unfrozen soil can be subjected only to a very small tensile
stress and a cohesionless soil cannot be subjected to any tensile stress.
Consequently, cyclic triaxial tests on unfrozen soils are always performed
with the specimen in a compressive state of stress. In contrast to this, frozen
soils and ice can be subjected to relatively high tensile stresses before failing.
Consequently, it is possible during strain- (or stress) controlled cyclic tri-
axial testing for the specimen to go into tension.

Two possible devices to couple the specimen to the cap and base to
achieve a tensile state of stress were considered in the research program.
The “screw” coupling shown in Fig. 5e¢ consists of four screws 6.4 mm
(0.25 in.) in diameter in the cap and base. The “screw and metal plate”
coupling shown in Fig. 5b is essentially the same as the ‘‘screw’ coupling
except that an aluminum plate, 54 mm long (2.16 in.), 25.4 mm (1 in.)
wide, and 6.4 mm (0.25 in.) thick, was attached to two of the screws in
the cap and base. The clearance between the cap and the aluminum plate
was set at 12.7 mm (0.50 in.).

Figure 6 shows a comparison of the hysteresis loops obtained for an ice
specimen without a coupling and for an ice specimen with the ‘‘screw”
and “screw and metal plate” couplings. The hysteresis loop for the speci-
men without a coupling is highly nonsymmetric. This is reasonable since
the specimen can be subjected only to compressive stresses. The hysteresis
loop for the specimen with the ‘“screw” coupling is also highly nonsym-
metric. This indicates that (1) the specimen failed, (2) the dynamic modulus
in compression is much greater than that in tension, or (3) the coupling
was not sufficient to resist the tensile force applied. Inspection of the speci-
mens from the tests with this coupling indicated they had not failed. In the
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authors’ opinion, there is no reason to believe that the modulus in tension
for ice is significantly different from the modulus in compression at the
low strain levels associated with cyclic triaxial testing. Thus, the hysteresis
loop could not be explained on this basis. It was concluded, therefore, the
coupling did not provide sufficient resistance to the tensile force.

The hysteresis loop for the specimen with the four screws and metal
plate shown in Fig. 6¢ is symmetric and indicates that a resistance to the
tensile force was developed which allowed the specimen to be subjected
to a tensile stress. This coupling was selected for use in the research pro-
gram. It is obvious that with the “screw and metal plate” coupling the
effective length of the specimen used to calculate dynamic properties would
be slightly less than the total length of the specimen. The effective length
of the specimen is extremely difficult to calculate because it is dependent
on the dynamic elastic moduli of the specimens. For practical purposes,
the effective lengths were assumed to be 25.4 mm (1 in.) shorter than the
full length, owing to a reduction of 12.7 mm (0.50 in.) from the cap and
12.7 mm (0.50 in.) from the base. If the estimate of effective length is
slightly in error, it would result in only a small error in the evaluation of
the dynamic modulus and axial strain. The lengths of the specimens were
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FIG. 6—Typical hysteresis loops of ice specimens with different coupling devices (1 kN/m?
= 0.145 psi).

approximately 180 mm (7.2 in.) with corresponding effective lengths of
155 mm (6.2 in.). If the assumed effective length was + 10 mm (0.4 in.)
in error, the error in the dynamic modulus would be about + 6.5 percent
and in the strain about + 7 percent.

Test Procedure

The frozen specimens were stored in a freezer at —20°C (—-4°F) + 1°C
(2°F) after they were jacketed with two rubber membranes, each with a
wall thickness of 0.5 mm (0.02 in.). Prior to testing, the base clamp of
the antitilt device was fastened to the specimen base (see Figs. 3d and 5b).
The specimen was immersed in the cold bath and the base was fastened
to the load cell (see Fig. 3b). The antitilt device was assembled as follows:

1. The gage head body was attached to the connecting rod of the base
clamp.
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2. The cap clamp was fastened to the specimen cap in a position such
that the screw-adjustable bearing plate on the antitilt ring bore on the
probe shaft and caused the output from the LVDT to be close to zero.

3. The antitilt ring (in a horizontal position) was connected to the spring
steel extending from the base clamp; the bearing plate was screw adjusted
to move the probe shaft to its null (zero voltage output) position.

After the antitilt device was attached to the specimen, a collar pressing
the thermistors to the side of the specimen was placed around the specimen.
The aluminum triaxial cell cylinder was placed on the base plate of the
cell. Finally, the top plate was tightened down on the cell cylinder and the
piston loading rod was connected to the cap by inserting it through a ball-
bushing loading collar. Care must be taken when attaching the piston rod.
If the torque applied in tightening the piston rod is too great, the specimen
will fail. After the piston rod was attached, the specimen assembly could
be checked by manually applying a cyclic vertical load to the piston rod
and observing the hysteresis loop. If the loop did not exhibit the symmetric
shape shown in Fig. 6¢ the specimen assembly was not good.

The voltage output from the gage head LVDT attached across the speci-
men to the cap and base was the feedback signal to the servovalve controller.
With the LVDT in this position, deformations associated with loose con-
nections, elastic deformations of the piston loading rod, or the load frame
were eliminated.

When the specimen assembly was satisfactory, the cold bath was covered
with styrofoam and an auxiliary coolant line was placed on the top plate
of the triaxial cell. A small increase in temperature was usually experienced
during the installation of the specimen. Therefore, the specimens were left
in the cell for at least two hours to ensure temperature equilibrium in the
triaxial cell and specimen before a dynamic test was conducted. The tem-
perature of the specimen was controlled by the mercury thermometer
thermostat in the refrigeration unit. The two thermistors attached to the
side of the specimen were monitored to obtain the temperature to within
+ 0.1°C (0.2°F). If the temperature was not correct, the thermostat was
readjusted and the test was delayed two hours to ensure that a temperature
equilibrium condition was reached.

After the specimen was installed in the triaxial cell, a test was conducted
employing the following procedure:

1. The LVDT in the actuator was used as the feedback signal to move
the actuator ram to within 12 mm (0.5 in.) of the piston loading rod. The
hydraulic power supply was turned off and a valve at the supply port of
the hydraulic manifold of the actuator was closed to prevent fluid move-
ment.

2. The feedback signal was changed from the LVDT in the actuator to
the LVDT on the antitilt device. The actuator and the piston loading rod
were connected with a split-ring connector, and a confining pressure of



216 DYNAMIC GEOTECHNICAL TESTING

approximately 350 kN/m? (50 psi) was applied to the specimen to prevent
disturbance caused by the movement of the actuator during the reapplica-
tion of hydraulic pressure to the actuator. The servovalve stability adjust-
ments for the closed-loop test system were strongly dependent on the strength
of the specimens and “‘snugness” of the connection. For practical purposes,
they were readjusted whenever the movement of the actuator observed on
the strip-chart recorder deviated from the command sine wave form.

3. The hydraulic pressure was applied and the valve at the supply port
of the hydraulic manifold was opened. The actuator was now controlled by
the LVDT on the antitilt device.

4. Following Steps 1, 2, and 3 an axial load was generally induced in
the specimen. This axial load was monitored on a digital voltmeter. The
specimen was returned to a zero axial load (deviator stress) condition by
adjusting the command signal voltage level to the LVDT on the antitilt
device. The LVDT voltage output after this adjustment was nonzero. A
voltage offset was used to bring the net LVDT output close to zero so it
would stay “‘on scale” on the output recording devices.

5. The sensitivities of the recording devices were set for the range of
frequencies and voltage outputs anticipated during testing. The setting
for the load cell could be made from experience after testing a number of
specimens.

6. The desired strain (displacement) amplitude and frequency for the
test was selected. A sinusoidal wave form was selected as the command
signal.

Test History Effects on Evaluation of Dynamic Properties

Owing to the number of test condition parameters to be considered when
evaluating the dynamic properties of a given specimen, it was believed that
as much data as possible should be collected with a single experimental
setup. It was recognized, however, that the ‘“‘test history”” a specimen ex-
perienced might influence the dynamic properties measured. By test history
is meant (1) the sequence in which the test condition parameters considered
in the test program (temperature, confining pressure, frequency, strain
amplitude, and number of cycles) were applied to the specimen and (2)
the magnitude of the parameters considered following a given sequence.
Many tests were conducted to establish an acceptable test history. The
results for ice specimens may be summarized as follows:

1. Temperature: Individual specimens were tested through a range of
temperatures. It was found that the dynamic properties were comparable
to those of specimens tested at a single temperature if the specimens were
tested from high (—-1°C) (30°F) to low (—10°C) (14°F) temperature.
When the tests were performed from low (- 10°C) (14°F) to high (—1°C)
(30°F) temperature, the specimens were disturbed, apparently at the
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coupling, even if they were left in the cell at a new test temperature for
24 h prior to testing. The disturbance could be observed from the hysteresis
loop. (Specifically, a loop similar to those shown in Fig. 6a or b was ob-
served.) Melting between the specimens and the caps was found when the
specimens were taken out of the cell. It was observed that if the temperature
was decreased and the specimen was allowed to readjust to the new tem-
perature for a 24-h period, it would ‘“‘erase’ any disturbance effects that
might have occurred at the higher temperature.

2. Strain amplitude: Individual specimens were tested from low to high
strain amplitude at a given confining pressure. If the specimens were re-
tested at the lowest strain amplitude, it was observed that the damping
ratio of the latter test was greater than the damping ratio of the former
at the lowest strain amplitude by about 50 percent. The dynamic Young’s
modulus appeared to be equal in magnitude.

3. Confining pressure: When the specimens were subjected to a high
confining pressure [greater than 700 kN/m?2 (100 psi)], they deformed
rapidly. The rate of deformation decreased with time, and the volume of
the specimens appeared to decrease, which would cause the density to
increase. This effect was demonstrated by testing a specimen at a low con-
fining pressure, subjecting it to a high confining pressure, then retesting
at the low confining pressure. The dynamic Young’s modulus of the speci-
men after it was subjected to a high confining pressure was slightly greater
than the dynamic Young’s modulus of the specimen before experiencing
the high confining pressure. To avoid this problem, the specimens were
subjected to the highest confining pressure [1400 kN/m? (200 psi)] used
in the test sequence for at least 20 min before a test was performed. The
rate of deformation of the specimens was very small for subsequent applica-
tions of confining pressure after employing this procedure.

4. Frequency: Variations in the frequencies of testing from 0.05 to 5 Hz
did not appear to cause specimen disturbance.

S. Number of cycles: The dynamic properties of the specimens did not
appear to be influenced by the number of cycles a specimen was subjected
to provided the number of cycles of loading did not exceed approximately
20 per one test. Several specimens were found to be disturbed when they
were subjected to more than 100 cycles per one test.

Based on these results, acceptable test histories for frozen specimens
could be established. Acceptable test histories for ice and the frozen clay
specimens tested are given in Table 3. The test sequence starts at the lowest
axial strain amplitude and frequency and highest confining pressure. It
proceeds with increases in frequency, then a reduction in confining pressure
and frequency, followed by increases in frequency, etc. The strain amplitude
is increased after the specimen is tested at the lowest confining pressure
and highest frequency. The range of test conditions was chosen to include
the field conditions and loadings anticipated for permafrost deposits sub-
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jected to strong motion earthquakes. If at any time in the sequence of
testing the specimen became disturbed, it was easily recognized from the
hysteresis loop. At this time the test was abandoned.

The maximum and minimum strain amplitudes of testing given in Table
3 depend on the stiffness and strength of the frozen specimen. The mini-
mum strain amplitude of testing is associated with the lowest amplitude
of displacement command signal attainable with the present test system.
The maximum strain amplitude is associated with a tensile failure of the
specimen or significant specimen disturbance. Before a specimen was
subjected to the acceptable test history, the cell pressure was increased
to 1400 kN/m? (200 psi) for approximately 20 min. Following this, the
dynamic Young’s modulus was evaluated at a strain amplitude of approxi-
mately 10 -2 percent and a frequency of 0.3 Hz. The value obtained from
this test was compared with that obtained during the course of the test
history as another check on the disturbance of the specimen. If they were
found to be in good agreement, the test was presumed to be acceptable.

A test procedure employing a test history sequence such as that given in
Table 3 is often referred to as ‘“multistage’ testing. In contrast to this,
“single-stage” tests can be employed to determine dynamic properties. In
single-stage testing of frozen materials, a specimen is tested at only one
strain amplitude, confining pressure, temperature, and frequency. Single-
stage tests were performed on several frozen soil specimens and the results
were compared with those obtained during the course of multistage testing.
In all cases the dynamic properties were within 15 percent of each other,
and generally much closer. An error of this magnitude could be attributable
to differences in the structure of the specimens being compared and slight
differences in the test temperatures.

Influence of Cycle Number on Evaluation of Dynamic Properties

It is generally believed by researchers conducting cyclic triaxial tests on
unfrozen soils that the dynamic properties associated with the Sth or 10th
cycle are the most appropriate for predicting ground motions during earth-
quakes. To assess the influence of the choice of the cycle number on dy-
namic properties of frozen soils and ice, the variation of the ratio (F. at
Nth cycle/E; at 10th cycle) and (A at Nth cycle/A at 10th cycle) with the
number of cycles at different frequencies, confining pressures, strain
amplitudes, and temperature was determined. These ratios are given for
ice and frozen clay specimens at 1, 5, 10, and 20 cycles in Table 4. There
appears to be no significant variation in the dynamic Young’s modulus
with number of cycles for different frequencies, confining pressures, strain
amplitudes, and temperatures. At the greatest, the dynamic Young’s
modulus at the Nth cycle for ice or frozen clay is approximately 6.0 percent
different from the modulus at the 10th cycle. Further, the damping ratio
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does not appear to vary with the number of cycles for different frequencies,
confining pressures, strain amplitudes, and temperatures. The damping
ratio at the Nth cycle is at the greatest about 14 percent different from the
damping ratio at the 10th cycle for ice and 12 percent different from the
damping ratio at the 10th cycle for clay. The damping ratios used to deter-
mine the ratios given in Table 4 were determined by planimetering the
area of the hysteretic load versus displacement relationship. The error in
the ratios shown associated with planimetering can be as great as 5 percent.

Typical Test Results

The dynamic properties of frozen sand (OSH), frozen clay (OC), and
ice (HDI) specimens evaluated with the cyclic triaxial test system, specimen
preparation techniques, and test procedure discussed in the preceding
sections are presented in Fig. 7. The characteristics and a description of
these specimens are given in Table 2. The results shown indicate that there
is a decrease in the dynamic Young’s modulus with (1) ascending tem-
perature, (2) increasing axial strain amplitude, and (3) decreasing frequency,
and an increase in damping ratio with (1) ascending temperature and,
in general, with (2) increasing axial strain amplitude, and (3) decreasing
frequency. The dynamic Young’s modulus for the coarse-grained cohesion-
less soil tested and ice increased with increasing confining pressure, whereas
the dynamic Young’s modulus for the fine-grained soil does not change
with confining pressure. Damping ratio does not change with confining
pressure for the soil specimens tested. The relationship between damping
ratio and confining pressure for ice specimens is not clearly defined at this
time. The values of the dynamic Young’s modulus for the soil specimens
in the frozen state are approximately two orders of magnitude greater
than the values of the dynamic Young’s modulus for the materials in the
unfrozen state. The values of damping ratio for the materials in the frozen
state are close to the values of damping ratio for the materials in the un-
frozen state. A phenomenological explanation of the results obtained is
outside the scope of this paper. The interested reader is referred to Vinson
and Chaichanavong [34] and Vinson et al [35] for this discussion.

Conclusions and Application of Test Results to Development of Standard
Test Procedure

A testing system and test methods have been developed to evaluate dy-
namic properties of frozen soils over a range of test conditions which sim-
ulate earthquake loadings of permafrost deposits. Several aspects of the
work described herein warrant emphasis, namely:

1. Displacements of the specimen during cyclic loading were measured
across the specimen cap and base; this eliminated errors in the displace-
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FIG. 7—Dynamic properties of frozen sand, frozen clay, and ice.

ment measurement associated with deformations in the load train and load
frame.

2. Measurement across the cap and base was accomplished by mounting
an LVDT at the side of the specimen to the cap and base; an antitilt
device (see Fig. 3d) was used to eliminate any error in the displacement
measurement associated with tilt of the specimen cap or base.

3. A coupling device was used to allow the specimen to be subjected to
a tensile state of stress (see Fig. Sb) during the extension cycle of loading;
if this device was not used, incorrect test results were obtained.

4. During the latter stages of development of the test system, a mini-
computer was used to reduce the experimental data; this afforded sub-
stantial time savings in the data reduction effort.

S. ““Multi-stage” testing of frozen soil specimens is necessary if all of
the field or test condition parameters or both are to be considered; the
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sequence in which the various physical parameters considered in the test
program and the magnitude of the parameters considered following a given
sequence can be established in a preliminary test program.

At present there is no standard test procedure to evaluate dynamic pro-
perties of frozen soils under simulated earthquake loading conditions. The
material presented herein provides a basis for the development of a standard
test procedure. There are several test variables yet to be investigated, how-
ever, before a standard procedure can be recommended. These include:

1. Influence of the specimen height-to-diameter ratio on measured soil
properties,

2. Influence of coupling device on measured soil properties,

3. Influence of specimen preparation technique on measured soil pro-
perties,

4. Influence of the thermal history a specimen is subjected to prior to
testing on measured soil properties,

5. Time-dependence of dynamic properties of frozen soils, and

6. Relationship between the dynamic properties of artificially frozen soils
and those of naturally frozen soils.

Finally, there are several cases cited in the literature where observed
unfrozen ground response during earthquake loadings has been compared
with the ground response predicted with presently available analytic tech-
niques using soil properties measured in the laboratory. The comparisons
are quite favorable, which would tend to support both the use of the analytic
techniques and the soil properties measured in the laboratory. Similar
comparisons have not been made for permafrost deposits subjected to
earthquake loadings. A favorable comparison represents the ultimate
validation of a recommended standard test procedure to evaluate dynamic
properties of frozen soils.
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ABSTRACT: Hard rocks are significantly weakened or fatigued when subjected to
cyclic loading. In uniaxial tension and in uniaxial compression the fatigue strength for
105 cycles is 60 to 80 percent of the monotonic strength. In triaxial compression the
fatigue strength rises as the confining pressure is increased. By far the most damaging
cyclic load is the tension-compression type, its fatigue strength reaching 25 percent of
the monotonic tensile strength. The strain-time behavior is not unlike that observed
in static creep, with primary, steady-state, and tertiary stages. The accumulated cyclic
creep in uniaxial compression for different upper peak cyclic stresses appears to be
bounded by the complete stress-strain curve. Acoustic emission and specimen photo-
micrography suggest microfracturing as the principal mechanism of fatigue failure,
with distinct differences between cyclic compression and cyclic tension. Acoustic
emission is an excellent precursor of imminent cyclic failure. ASTM standardization
of cyclic testing is recommended.

KEY WORDS: rocks, rock mechanical testing, rock fatigue, acoustic emission, cyclic
compression, cyclic tension, cyclic tension-compression

The phenomenon of static fatigue—premature failure due to prolonged
constant loading—has been observed in rock during creep testing, and sub-
sequently has been taken into consideration in the design of structures in
rock salt and other time-dependent rocks. However, the phenomenon of
dynamic (cyclic) fatigue—premature failure due to cyclic or repetitive
loading—has been all but ignored in rock despite growing evidence that
such strength weakening is found in many man-made materials, and not-
withstanding the common occurrence of such loading. Earthquakes, blast-
ing, drilling, and traffic are but some of the sources of cyclic loading. Better
understanding of the cyclic loading effect on rock could assist the engineer
and scientist in a number of ways: toward improving rational design of
rock structures, aid in earthquake prediction and control, and advance
rock breaking methods.

! Professor of rock mechanics, Department of Mineral Engineering, University of Wisconsin,
Madison, Wis. 53706
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Very little research on cyclic loading in rock was published prior to this
decade {1,2].2 The most important work has been carried out since 1970.
Hardy and Chugh [3] detected cyclic fatigue in three rock types under
uniaxial compression. Saint-Leu and Sirieys [4] and Attewell and Farmer [5]
emphasized in their studies rock deformational behavior under cyclic uni-
axial compression.

At the University of Wisconsin we embarked in 1969 on a comprehensive
investigation of the effect of cyclic loading on rock under uniaxial com-
pression, uniaxial tension, triaxial compression, and uniaxial tension-
compression, basically covering the more common loading modes [6-14].
The effect of repetitive stresses on strength, deformation, fabric, and
acoustic emission were investigated in four rock types. This paper presents
the major results of our research and points up how they can be applied in
general, and with particular reference to developing new ASTM standards.

Experimental Program and Equipment

Four hard rock types (Tennessee marble, Indiana limestone, Berea sand-
stone, Westerly granite) were tested under uniaxial cyclic compression and
uniaxial cyclic tension; one rock type (Westerly granite) was also tested
under triaxial cyclic compression and uniaxial cyclic tension-compression.
In each rock, specimens were cored in the same direction out of one block
to prevent variability due to anisotropy or inhomogeneity. Specimen prep-
aration followed the ASTM Test for Unconfined Compressive Strength of
Intack Rock Core Specimens (D 2930-71a). However, specimen size was
kept at 2.5 cm (1 in.) diameter and 6.3 cm (2.5 in.) long. A servo-controlled
loading machine was used throughout.

In uniaxial cyclic compression tests, specimens were placed between a
fixed platen and a platen connected to the loading machine through a swivel
head. In uniaxial cyclic tension and in uniaxial cyclic tension-compression
tests, specimens were epoxy cemented at both ends to threaded end-caps,
carefully maintaining concentricity. The top end-cap was rigidly attached
to the crosshead of the loading machine and the bottom end-cap fit loosely
into a pot filled with ‘‘woods-metal,” a material whose melting point is 70°C
(158°F) (Fig. 1). By keeping the woods-metal in the liquid state when in-
stalling the specimen and then freezing it in position, alignment was en-
sured. Results indicate that very little bending took place since in most of
the tests tensile rupture occurred away from specimen ends. The triaxial
cyclic compression tests were run in a pressure-cell which enabled the con-
fining oil to maintain its volume approximately constant throughout the
vertical load fluctuations, thus keeping the horizontal pressure within + §
percent of its predetermined value. Specimens were kept dry using heat-
shrinkable tubing jackets.

2The italic numbers in brackets refer to the list of references appended to this paper.
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FIG. 1—Jig for cyclic uniaxial tension.

In each of the four loading configurations the basic cycle was stress-
controlled (that is, stress was the independent variable), triangular in shape,
and had a frequency of 1 Hz (equivalent to the frequency of large events in
earthquakes and blasting). The lower peak stress was kept constant through-
out the testing, at approximately 60 000 kPa (600 bars) compression in the
cyclic tension-compression tests, and near zero in the other loading config-
urations. The upper peak stress was varied between tests. The number of
loading cycles per test was limited to 10° or more. Strain was measured
using strain-gage-instrumented cantilevers or linear variable differential
transformers (LVDT’s).

A Dunegan 3000 acoustic emission (AE) detecting system was used for
monitoring acoustic signals during testing. It consisted of a pickup trans-
ducer (usually glued to the upper end-cap of specimen), a preamplifier, a
speaker for audio monitoring, a band-pass filter set in our tests at 0.1 to 1
MHz, an amplifier, an outlet for oscilloscopic recording, a digital counter
of events of amplitude higher than a set threshold, a digital-to-analog con-
verter, and an oscillographic plotter. The latter was used to record accumu-
lated events or noise rate versus time. A block diagram of the AE system is
shown in Fig. 2.
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FIG. 2—Block diagram of AE system.

Cyclic Uniaxial Compression

The effect of cyclic uniaxial compression loading on rock strength appears
to be rather significant. S-N curves showing the number of cycles (N) re-
quired to fail a specimen loaded to a certain upper peak stress (S) are
illustrative of the continuous weakening of rock with the increase in num-
ber of cycles [10] (Figs. 3,4). This so-called fatigue effect is observed in
each of the four rocks tested [10,13] (Fig. 5). The fatigue strength for the
maximum number of cycles used varied between 60 and 80 percent of the
respective uniaxial compression strength (C,) as obtained by the ASTM
Test D 2930-71a. This important result should be kept in mind when using
values of laboratory-determined uniaxial compressive strengths in rock
structure design.

The cyclic stress-strain behavior has been recorded in all four rocks. The
common characteristic is the large hysteresis in the first cycle, followed by
decreasing loops in the next few cycles, a narrowing of the loop to an al-
most constant shape in the following groups of cycles, and a reopening of
the loops in the last cycles prior to failure (10,13] (Fig. 6). In very short
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FIG. 3—FExperimental results and S-N curve for Tennessee marble under cyclic uniaxial
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FIG. 4—Experimental results and S-N curve for Indiana limestone under cyclic uniaxial
compression (Co is the static uniaxial compressive strength).

life tests (1 to 20 cycles), only the first and the last stages are apparent
(Fig. 7).

The phenomenon of cyclic creep is generally observed in all loading types.
For every stress level within the stress range of the cyclic loading, the strain
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FIG. 6—Typical stress-strain, strain-time, and cumulative AE behavior in rock under
cyclic compression. Lines (a) and (b) outlining the curves shaped by the upper and lower
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lower peaks, respectively, of the strain-time cycles closely resemble static creep curves (1 kbar =
106 MPa).

increases with each cycle. Three cyclic creep stages are observed, directly
related to the hysteresis loops: a primary stage in which the strain increases
from cycle to cycle at a decelerating rate, followed by a steady stage of linear
strain increase, and culminating in an accelerated strain increase stage up
to failure. The line connecting all the peak strain points in a strain-time
plot closely resembles that of a static creep curve (Figs. 6,7). The lower
peak strain points define the amount of permanent deformation after each
cycle. It is interesting to note that the permanent deformation after the
first cycle is often 30 to 70 percent of the total permanent deformation just
before failure. Hence, by loading a given rock through one cycle only, a
fairly good estimate can be made of the total permissible permanent defor-
mation. This could be used in conjunction with strain monitoring in rock
structures to obtain a precursor of impending failure.

The cyclic creep of the upper peak strain between the first and the last
cycles prior to failure was carefully measured in all the rocks loaded in
uniaxial compression [70,13]. Invaribly the cyclic creep was found to be
bounded by the complete stress-strain curve of the respective rock (for
example, Fig. 8). This result is significant in that it reinforces the suggestion
that the complete stress-strain curve defines for any stress level the range
of allowable strain (bounded between the ascending and the descending
portions of the curve). This important conclusion could be advantageously
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FIG. 8—Complete stress-strain curve for Westerly granite in uniaxial compression and
average cyclic creep of upper peak strains under cyclic loading (I kbar = 100 MPa).

used in structure design. Determining the complete stress-strain curve
for a rock [15] is considerably less time-consuming than preparing an S-N
curve. Monitoring the amount of accumulated strain at a particular stress
level (whether in a laboratory specimen or an underground structure) and
comparing it with the allowable quantity from the complete stress-strain
curve could establish the stability condition and provide an estimate of
the amount of cyclic loading that the rock can still withstand. The shape
of the complete stress-strain curve could indicate the ranges of maximum
stress for which the rock is more susceptible to fatigue effects. These are
the regions of minimum allowable permanent strain, usually caused by the
portions of the descending stress-strain curve having positive slopes. Such
is, for example, the case of Westerly granite, whose S-N curve for uniaxial
compression shows a very strong fatigue effect in the top 30 percent of the
stress range corresponding to its positively sloped portion of the descending
complete stress-strain curve [13] (Figs. 5,8). Below this, the slope of the
descending stress-strain curve becomes negative and the number of cycles
required to bring about fatigue failure increases considerably.

Using an AE system, microseismic activity was usually detected in the
very first loading cycle since the upper peak load was always above the
region of linear elastic behavior. In the next few cycles the acoustic emission
continued to increase at a decelerating rate. During the steady-state stage,
almost no new events were recorded. As fatigue failure was approached,
the seismic activity picked up considerably, providing a valuable warning
of incipient failure [10,13] (Figs. 6,7). This result strongly indicates that
the deformational behavior and the mechanism of cyclic fatigue are deter-
mined by microfracturing, from which the acoustic emission emanates.

Photomicrography studies of selected specimens removed from the testing
machine at different stages of cyclic loading supported the strong indi-
cations from deformation and AE results that cyclic fatigue is the resuit of
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a microfracturing process [/0]. Fabric changes in uniaxial compression ap-
peared to be dominated by grain boundary loosening and intergranular
cracking in the first few cycles, followed by a stage at which no additional
damage seemed to occur, although some crack extension probably did take
place. Finally, crack coalescence, widening, and faulting resulting in fatigue
failure were observed. The entire process of cumulative damage appeared
to be evenly distributed throughout the entire specimen.

Cyclic Triaxial Compression

The behavior of Westerly granite subjected to cyclic triaxial compression
(axial cyclic loading with constant confining pressure) is similar in every
respect to that under uniaxial compression (13]. Figure 5 shows the S-N
curves for Westerly granite under 7000 and 17 000 kPa (70 and 170 bars)
confining pressure. The shape of the curve remains basically the same. The
fatigue strength, however, increases from 65 percent in uniaxial loading to
75 percent at 7000 kPa (70 bars) and to 80 percent at 17 000 kPa (170 bars).
In each case the percentage is of the respective compressive strength (C).

A typical stress-versus-time and AE rate in a test under triaxial com-
pression is shown in Fig. 9. After an initial burst of emission in the first
cycle (not shown), almost no activity is noticed until the last stage of the
cyclic loading prior to failure. The noise rate appears to gradually increase
as the last cycle to failure is approached [11]. This behavior could be utilized
in field situations by monitoring acoustic emission in order to predict immi-
nent faijlure.

WESTERLY GRANITE
| (TRIAXIAL COMPRESSION)
| CONFINING PRESSURE: 0.3S KBAR | |
" AE: GAIN 8% DB {1
! ==t | BY 0.1 - | MHZ
ELb ]| sTREss: 2.9 KBAR (095 ) H
il 1] 11 CYCLICAATE 12 =
i e e

10,000 COUNTS/ FULL SCALE

FIG. 9—Typical AE rate versus time and stress versus time records in cyclic triaxial com-
pression (AE = acoustic emission; BW = bandwidth) (I kbar = 100 MPa).



HAIMSON ON EFFECT OF CYCLIC LOADING 237

Cyclic Uniaxial Tension

All four rock types exhibited clear fatigue characteristics in uniaxial
tension. The S-N curves for all rocks were linear and were represented
approximately by the equation S = 100 — 7 logN. They all showed a
fatigue strength of approximately 65 percent of the monotonic strength at
105 cycles [9.12]. The S-N curve for Westerly granite is shown in Fig. 10.

A typical stress-strain curve in cyclic uniaxial tension is shown in Fig. 11.
Its characteristics are a strongly nonlinear slope during the first loading
cycle, a large permanent deformation after the first cycle (about 50 percent
of the total permanent set), a straightening of the loading portion of the
following cycles, and little change prior to final rupture. The latter obser-
vation could be due to a localized mechanism of crack extension to failure.

Acoustic emission followed the trend established in cyclic compression,
with events recorded mainly in the first cycle, little or no emission during
the bulk of the cycles (steady-state stage), and an increase in acoustic events
in the last cycles prior to tensile rupture (Fig. 12). The number of cycles
before failure during which acoustic emission was detected and the num-
ber of counts per cycle for the same rock (Westerly granite) are clearly
fewer than in cyclic compression {1/]. This is again interpreted as an indi-
cation that cyclic tensile failure is due to just one or a few microcracks
(oriented normal to the tensile force direction) reaching their critical length
beyond which they propagate until rock ruptures. Photomicrography has
confirmed this indication. Other than the close vicinity of the tensile rupture
plane, created apparently by the propagation of one critical crack, no

100
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-
(-]
; 9o
2 5 NO FAILURE
[72] oo
& sof-
[14
[
[7;] L
3 5
g T
g >
L] L] L]
60 ’ 1 1 1 1 1
100 0 102 03 104 10° 108

NUMBER OF CYGLES (N)

FIG. 10—Experiment results and S-N curve for Westerly granite under cyclic uniaxial
tension.
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changes were observed in the internal structure of the rock [9,12]. In cyclic
compression, on the other hand, both acoustic emission and photomicrog-
raphy indicate that failure s a result of microfracture activity throughout
the specimen [/0]. In the more extreme case of cyclic tension applied to
pink Tennessee marble, no warning whatsoever is given by the acoustic
emission [71] (Fig. 13). Counts are recorded only in the first few cycles
and in the failure cycle itself.

Cyclic Uniaxial Tension-Compression

The effect of cyclic compression on tensile fatigue in Westerly granite
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FIG. 13—Typical AE rate versus time and stress versus time records in cyclic uniaxial
tension—pink Tennessee marble (I kbar = 100 MPa).

was studied by applying a tension-compression cyclic load with the tension
peak at 90 percent of the tensile strength (T,) and the compression peak
varying from test to test but kept within 0 to 20 percent of the compressive
strength (C.) [12]. Figure 12 shows the AE rate when the compression peak
is zero (uniaxial tension). Figure 14 displays the AE rate for the case when
the compression peak equals the tension peak (= 3 percent of C,). The
emission rate in both cases is very similar: a burst in the first cycle, some
activity in the next few cycles, and another burst in the last very few cycles.
As the compression peak is increased, however, a marked increase in
acoustic emission is observed, although the tension peak is still at the same
level of 90 percent T.. Figure 15 shows the AE rate when the compression
peak is about 20 percent of C, (well below the level of dilatancy onset in
uniaxial compression). Acoustic emission was recorded in every cycle with
a gradual increase in counts well before failure. Although emission occurred
only near the tension peak, it was evident that it was affected by the com-
pression loading. The peak compression load was low and could not have
caused any shear microcracking, but it sufficiently aided the tensile crack
opening mechanism to yield tangible acoustic emission during each and
every. cycle and bring about rapid fatigue failure. This cyclic behavior of
rock could be exploited to facilitate drilling or breaking of rock, since it
appears to be the most damaging type of loading.

An §-N curve for cyclic uniaxial tension-compressior: was obtained for
a constant-compression cyclic peak [60 000 kPa (600 bars)] and a tension
peak that varied from test to test. The linear relationship obtained (Fig. 16)
exhibits by far the worst weakening effect of any cyclic load type tested.
The fatigue strength at 105 cycles is no more than 25 percent of T, [12].
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FIG. 16—Experimental results and S-N curve for Westerly granite under cyclic uniaxial
tension-compression (compression peak constant-tension peak varied from test to test). Com-
parison with S-N curve for uniaxial tension.

The stress-strain curve in cyclic tension-compression (Fig. 17) for the case
where the compression peak is 60 000 kPa (600 bars) (= 20 percent of Co)
is useful in understanding the different effects that tension and compression
have on rock [12]. In every cycle as the load shifts from compression into
tension, there is a sharp drop in the elastic modulus, indicating the opening
of the heretofore closed microcracks. In addition, the elastic modulus in
tension drops with every cycle until it is reduced by 30 percent just before
failure. This excessive ‘“‘softening” is considerably higher than in other cyclic
loading types and indicates continuous and partially irreversible opening of
microcracks leading to a most premature failure (Fig. 17). It is clear from
the figure that while the compression cyclic peak strain stays constant
throughout because of the low level compressive stress, the tension cyclic
peak strain goes through all three stages of cyclic creep. At the end of the
first complete cycle, some 70 percent of the total permanent deformation
has already occurred. Failure of cyclic tension-compression specimens occurs
in tension along a plane approximately perpendicular to the line of load
application.

Applications

The following are some of the practical applications resulting from the
tests conducted:
1. In designing underground or surface structures, proper consideration
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FIG. 17—Typical stress-strain and strain-time curves recorded during uniaxial tension-
compression cycling (I bar = 100 kPa).

should be given to the effect of cyclic loading due to activities such as earth-
quakes, blasting, drilling, and traffic. It is clear that repetitive loading of
any type can weaken rock strength and results in premature failure.

2. §-N curves should be determined and used to establish more realistic
compressive and tensile strengths of rock which could withstand both static
and cyclic loading. The respective fatigue strengths at 10° cycles are recom-
mended as more applicable strength values than the presently common
compressive or tensile strengths.

3. The apparent relationship detected between the complete stress-strain
curve and cyclic creep provides a quick means of determining total deforma-
tion prior to fatigue failure. If allowable deformation is the important
parameter in a structure, or if deformation or strain are monitored closely,
the complete stress-strain curve could be used to predict imminent failure
or to prevent it by remedial action.

4. AE is probably the most effective precursor of rock failure and, in
particular, of cyclic fatigue. It appears that AE is more useful in predicting
compressive failure, although in some rocks it could be just as effective
with respect to tension.
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S. Cyclic tension-compression appears to be the most fatigue-inducing
loading mode. Particular care should be taken in structures expected to
be subjected to such loading. On the other hand, the weakening effect of
tension-compression cycling could have beneficial effects if exploited in
drilling and blasting methods.

ASTM Standards

Based on the reported results and their practical applications, it is recom-
mended that ASTM consider the feasibility of setting testing standards for
determining S-N curves for rock. The compression cyclic tests would re-
quire. little modification to existing standards for uniaxial compression
testing, except that the loading machine should have the capability of load-
ing and unloading automatically between two set stress levels at a given
frequency. S-N curve determinations in tension and tension-compression
would require a rigid testing setup like the one shown in Fig. 1. This ar-
rangement enables the application of both tension and compression. For
triaxial compression cyclic testing, a pressure chamber similar to that used
in static tests is sufficient. The requirement is, however, that the confining
pressure be kept constant during axial load cycling. This could be achieved
by use of an accumulator or by a servo-controlled electrohydraulic system.
It is felt that a maximum number of 105 cycles are sufficient to simulate
any field situation realistically.

The method of obtaining complete stress-strain curves for rock has been
described by others (for example, Ref 15). The standardization of this test
would be extremely valuable in general, and most useful to predicting cyclic
creep in particular.

The application of acoustic emission is another very important tool in
rock mechanics in general and could and should be standardized. The
usefulness of the method to understanding fatigue mechanism and pre-
dicting cyclic loading failure has been described in the body of this paper.
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ABSTRACT: Two series of cyclic triaxial tests were performed on soils containing
fines (passing #200 sieve) from 0 to 100 percent by weight. The first series included
the testing of laboratory-prepared reconstituted specimens overconsolidated to over-
consolidation ratio (OCR) values of 1.0 to 2.0. It was shown that the overconsolidation
had an definite effect in strengthening the cyclic resistance of the specimens, and its
effect became more pronounced as the content of the fines increased. The second in
the series was concerned with the tests on undisturbed specimens from alluvial deposits
in Tokyo as well as the tests on remolded specimens of the same soil. It was shown that
the cyclic strength of the undisturbed specimens was about 15 percont greater than
that of the reconstituted ones. Comparison of the results from this second series of
tests appeared to show that the greater cyclic strength of the undisturbed specimens
over that of the remolded specimens might have been caused by a slight overconsoli-
dation which existed in the alluvial deposit of the sands containing the fines.

KEY WORDS: liquefaction, sands, fines, cyclic loads, triaxial tests, overconsolida-
tion, specimens, soils

Field observations of loose saturated sand deposits that were liquefied
during strong earthquakes have led to extensive laboratory studies on the
liquefaction resistance of sands. Most of the studies on this subject, however,
have been limited to granular materials such as clean sands or gravels con-
taining little or no fines. On the other hand, gradation studies of soils in
the field have disclosed the fact that soils containing some fines are far
more frequently encountered than clean sands in the alluvial or reclaimed
deposits where soil liquefaction often becomes of critical importance in

1Professor, Department of Civil Engineering, University of Tokyo, Bunkyo-ku, Tokyo,
Japan.
Civil engineer, Fudo Construction Company, Taito 1, Taito-ku, Tokyo, Japan.
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assessing the stability of the ground during earthquakes. Moreover, there
are many cases where the soils known to have liquefied were identified as
silty sands or sandy silts containing 10 to 50 percent fines (Marsal, 1961
[1]3; Ikehara, 1970 [2]; Yamanouchi et al, 1976 [3]).

In present practice, the liquefaction resistance of a given soil deposit is
often determined roughly on the basis of the standard penetration re-
sistance. It is generally recognized that the blow-count of the standard
penetration test (SPT) strongly reflects the amount of fines present in the
soils. It is also known that the blow-count value is influenced by the den-
sity of the clean sands as well. In other words, the decrease in blow-count
can be caused either by an increase in fines present or by the low density of
the soils. Therefore, if the blow-count value is low for a given soil, it can
mean either of the two following soil conditions: (1) When the soil is clean
sand, it may be low in density and susceptible to liquefaction; or (2) when
some fines are present in the soil, it may also be low in density but less
vulnerable to liquefaction due to the hardening effect of the fines. Since
the blow-count implies two mutually opposite conditions in soils as stated
in the foregoing, the determination of liquefaction resistance based on the
N-values alone can be misleading, unless the effect of fines is properly con-
sidered.

It appears likely that soils in the alluvial deposit tend to be subjected to
some degree of overconsolidation, and this may bring about the harden-
ing effect on the soils and consequent increase in the cyclic strength. Shown
in Fig. 1 is a diagram plotting the existing effective overburden pressure
versus the preconsolidation pressure as determined from the usual consoli-
dation curves for many clays prevailing in the alluvial deposit in the low-
lying area of Tokyo, Japan. The plot shows that most of the clays were
slightly overconsolidated to overconsolidation ratio (OCR) values of 1.0 to
2.0. Therefore, it may well be assumed that the same degree of overconsoli-
dation exists also for the cohesionless soils in the same area, generally class-
ified as silty sand or sandy silt, and that this accounts for some increase in
liquefaction resistance of the soils as against the low N-values of this area.

The study described in the following pages presents the results of cyclic
triaxial tests carried out to show the possible hardening effect that the
overconsolidation may have and to provide an explanation for the increased
resistance to liquefaction of the intact soil specimens based on the effect of
overconsolidation.

In the first series of the test program, test specimens were reconstituted
from remolded soils obtained from the alluvial deposit in Tokyo. Cyclic
triaxial tests were performed on the specimens prepared with OCR-values
of 1.0 to 2.0, and the effect of overconsolidation on the cyclic strength was
investigated.

3The italic numbers in brackets refer to the list of references appended to this paper.
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FIG. 1—Degree of overconsolidation of soils in alluvial deposits in Tokyo.

In the second test series, cyclic triaxial tests were performed on undis-
turbed specimens obtained by thin-wall tube samplers. The specimens were
remolded afterwards and reconstituted by the same procedure as adopted
in the first test series. They were then subjected to cyclic triaxial tests to
compare the cyclic strengths of intact and reconstituted specimens.

Test Materials

The soils used for the present test program were silty sands and sandy
silts obtained from the alluvial deposit in the low-land area of the Koto,
Taito, and Katsushika wards in Tokyo, Japan. The soil specimens were
secured from drilled holes by means of 7.62-cm-diameter thin-wall tube sam-
plers. The sites of the borings were located within about 3 km of each
other and the specimens obtained were considered to represent the general
characteristics of the soils of alluvial origin prevailing in the low-land area
of Tokyo.

The specimens obtained from the Koto and Katsushika wards were used
for the tests of reconstituted specimens that were planned to investigate the
effect of overconsolidation on the cyclic strength of soils. The grain-size
curves of these soils are shown in Fig. 2. The gradation curves of Koto A
soil containing 58 percent fines and Koto B soil containing 15 percent fines
represent natural soils, whereas the other three represent artificially graded
soils obtained from the same general area. Consistency tests made for the
fine portions of the foregoing soils showed a liquid limit of about 60 and a
plasticity index of about 20.

The thin-wall tube specimens secured from the Taito ward were used
directly for the tests of undisturbed specimens. Three thin-wall tube speci-
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mens were obtained continuously from the silty sand deposit at a depth of
3.5 to 5.0 m having the standard penetration resistance ( N-value) of about
5. These specimens were labeled Al, A2, and A3 and their grain-size
curves are shown in Fig. 3. Another specimen, labeled B1 was obtained
from the soil of a nearby site at a depth of 6.0 m having the N-value of 6.

Method of Specimen Preparation

Preparation of Reconstituted Specimens

Reconstituted specimens for cyclic triaxial tests were prepared by sedi-
mentation through de-aired water in a forming mold. To facilitate consoli-
dation at a later stage, a piece of filter paper with several vertical slits was
attached inside the forming mold. Then, the soil mixed with de-aired water
was poured into the mold. When a soil contained more than 10 percent
fines by weight, this procedure turned out to be undesirable because coar-
ser grains tended to settle faster than finer particles, producing nonuniform
layering in the structure of the specimens.

To avoid this segregation of particles, a special procedure as described in
the following was adopted for preparing specimens for cyclic triaxial tests.
First of all, the soils to be tested were sieved with the #200 mesh and
separated into fine and coarse portions. Each portion was thoroughly mixed
with distilled water to achieve full saturation. The slurry containing the
fines was first poured into the forming mold and then the coarse material
was deposited slowly by a spoon and made to settle through the slurry.
When a specimen with a high content of fines was to be formed, heavy
slurry was used. Light slurry with low concentration of fines was used to
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form a specimen with a low content of fines. The quality of the specimen
in terms of segregation of grains that might have occurred during the sedi-
mentation was checked by examining the grain size distributions at dif-
ferent sections of the specimen. After the specimen had been formed and
consolidated, it was taken out of the triaxial cell. The specimen was then
divided into three sections and a grain size analysis was made for each of
these. The result of the sieve analyses made for Koto A soil containing 58
percent fines is shown in Fig. 4a, where it is noted that there are S percent
more fines in the upper third of the specimen than in the lower third.
Figure 4b shows the similar test result for Koto B soil containing 18 per-
cent fines. It is also noted that there was about 5 percent difference in the
fines present between the upper and lower third of the specimen. A num-
ber of similar sieve analyses made for the soils containing different percen-
tages of fines showed that, for the specimens containing an amount of the
fines either less than 30 percent or more than 80 percent, the method of
sedimentation through slurry as adopted in this study proved generally use-
ful in providing fairly uniform specimens as evidenced by only S percent
difference in the content of fines throughout the length of the specimen.
For the range of fines between 30 and 80 percent, the sedimentation pro-
cedure described in the foregoing failed to provide uniform specimens, and
it was found that minor details in slurry handling had considerable effect
on the uniformity of the specimens. Height and speed of pouring the coarse
material needed to be carefully controlled to allow uniform sedimentation
to take place through the slurry. The result of the sieve analyses shown in
Fig. 4a is that the specimen with 58 percent fines formed most successfully
with considerable precaution.
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Handling of Undisturbed Specimens

Soil specimens in the thin-wall tube were carefully extruded out, as illu-
strated in Fig. 5, by pushing one end of the specimen by a specimen exclu-
der, while the other end was pushed into an awaiting specimen holder
which had a sharp cutting edge with a diameter smaller than that of the
extruded specimen. The result was forming a S-cm-diameter and 10-cm-
length specimen for the cyclic triaxial tests inside the specimen holder. The
specimen, now secured undisturbed inside the holder, was held by a split
liner which was designed to provide smooth entry into the holder and tem-
porary support. The details of the specimen holder are shown in Fig. 6. A
rubber membrane was set inside the holder and kept tight against the in-
side wall of the holder by vacuum. After the specimen was pushed into the
holder, it was turned upright and the split liner was pulled out. Immediately
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afterwards, the vacuum was released and the membrane was allowed to
make a firm contact with the specimen. Elasticity of the membrane served
to hold the weak specimen intact. Then, the specimen ends were trimmed
and smoothened, and porous disks were put on both ends. The specimen,
together with the holder, was put upright on the base of the triaxial test
apparatus and the lower end of the rubber membrane was rolled down and
fastened to the base with O-rings. The vertical loading piston was, then,
lowered to the top of the specimen and the upper end of the membrane
was rolled up and fastened to the loading piston with O-rings. A slight
vacuum was applied to the specimen to mobilize the confining pressure.
Then the specimen holder was removed. The foregoing procedure was
considered to function satisfactorily for handling undisturbed specimens
before they were set up in the triaxial apparatus.

Test Procedures

Cyclic Triaxial Tests on Reconstituted Specimens

Test specimens prepared by the aforementioned procedures were first
saturated by circulating de-aired water through the specimens and then
consolidated to a preconsolidation pressure of either 0.75 or 1.0 kg/cm?.
The confining pressure was then reduced to 0.5 kg/cm? to achieve a de-
sired condition of overconsolidation of 1.5 or 2.0. In the tests on normally
consolidated specimens, two confining pressures of 0.5 and 1.0 kg/cm?



ISHIHARA ET AL ON EFFECTS OF OVERCONSOLIDATION 253

Split liner

- Vaccum inlet.
\ Mold Cutting edge
A== A AR 4t ;

\
3
—

&) o

FIG. 6—Cross section of the specimen holder.

were employed. The time required for consolidation was varied from 1 to
24 h depending upon the amount of fines present in each specimen. Back
pressures up to 2.0 kg/cm? were applied to the specimens to ensure almost
full saturation. The specimens were subjected under undrained conditions
to a constant-amplitude axial cyclic load until they developed the condition
of initial liquefaction or excessive axial strains. The test equipment used in
this study was the same as that used in the previous investigation (Ishihara
and Yasuda, 1972 [4]).

Cyclic Triaxial Tests on Undisturbed Specimens

All the cyclic triaxial tests were performed with an effective confining
pressure of 1.0 kg/cm?, which corresponded to the normally consolidated
state of the soil in the field. Back pressures were also used to saturate the
specimens. After completing cyclic triaxial tests on undisturbed specimens,
the specimens were completely remolded and used to prepare reconstituted
specimens by the same procedures as described in the previous section.
Therefore, cyclic triaxial tests were performed both on undisturbed and re-
constituted specimens with approximately the same void ratios at the time
of consolidation.

Test Results of Reconstituted Specimens

The results of the cyclic triaxial tests are plotted in Figs. 7-11 in terms of
the cyclic stress ratio versus the number of cycles required to cause initial
liquefaction or +2.5 percent axial strain. The cyclic stress ratio is defined
as the ratio of the cyclic deviator stress, o4, to twice the effective confining
pressure, 200, at the time of consolidation. The initial liquefaction is a
measure of failure of a specimen at which the developed pore water pres-
sure becomes equal to the initial effective confining pressure. It has been
shown, however, that for soils containing a larger percentage of fines, the
pore pressure does not build up fully to become equal to the initial effective
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confining pressure, even though considerable axial strain may develop
during cyclic loading. Shown in Fig. 12 is a summary of test results in
which the maximum pore water pressures that developed as the result of
application of an infinite number of cyclic loadings were plotted against
the mean grain size, Dso, of the test specimens. The figure clearly shows
that the smaller the mean grain size of the specimen, the lower was the
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maximum pore water pressure developed. Therefore, it does not seem
appropriate to use the concept of initial liquefaction as a failure criterion
for a soil containing some fines. To provide a more common measure for
evaluating the cyclic strength of soils embracing a wide range of fines, the
use of +2.5 or +5.0 percent axial strain was suggested by Silver and Park
(1976) [5]. A number of cyclic triaxial tests conducted on relatively clean
sands in the present investigation, however, have shown that the number of
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cycles required to cause initial liquefaction in a specimen under a given
cyclic stress ratio is almost equal—within an allowable limit of accuracy—
to the number of cycles needed to produce +2.5 percent axial strain. Thus,
for the purpose of the uniformity of failure criterion, the test results shown
in Fig. 7-11 are presented in terms of the number of cycles to cause +2.5
percent axial strain.

Figure 7, the test results for reconstituted sand specimens of Takasago
soil without fines, shows that the cyclic stress ratio required to cause +2.5
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percent axial strain (or equivalent or initial liquefaction) increased by
about 30 percent with an increase in overconsolidation ratio from 1.0 to
2.0. For reconstituted specimens of Koto B soil, artificially graded soil
containing 15 percent fines, the test results (Fig. 8) show that the rate of
increase in cyclic strength due to an increase in overconsolidation ratio
was somewhat more pronounced. However, all the more noticeable increase
in cyclic strength due to overconsolidation was observed in the test results
shown in Figs. 9-11, where specimens with successively higher contents of
fines were tested. It should be noted particularly in Fig. 11 that the speci-
mens with 100 percent fines with overconsolidation ratio of 2.0 showed al-
most twice as much increase in cyclic strength as the similar specimens
normally consolidated.

In order to see the effect of overconsolidation more clearly, the cyclic
stress ratio required to cause +2.5 percent axial strain or initial liquefac-
tion under 20 cycles of load application was read off from Figs. 7-11 and
plotted in Fig. 13 versus the fines contained in the specimens. The same
data on the cyclic stress ratio were also plotted in Fig. 14 versus the mean
grain size, Dso, of the specimens. These figures clearly show that the rate
of gain in cyclic strength due to overconsolidation increased with an in-
crease in fines or a decrease in mean grain size of the soil specimens.

The characteristic manner in which overconsolidation causes a gain in
cyclic strength may be more clearly visualized by examining the changes
in cyclic strength caused by the changes in effective confining pressure.
In Fig. 15-17, the cyclic deviator stress and the cyclic stress ratio required
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FIG. 13—Relationship between cyclic strength and content of fines in soils.
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to cause £2.5 percent axial strain in 20 cycles of cyclic loading were
plotted versus the effective confining pressure for the three soils containing
0, 58, and 100 percent fines. Also plotted versus the effective confining
pressure were the corresponding changes in void ratio. The data points in
these figures are the averaged values estimated from the original test data
shown in Figs. 7, 9, and 10. In Fig. 155, it is noted that the cyclic deviator
stress required to cause +2.5 percent axial strain in 20 cycles of normally
consolidated specimens increased in proportion to the effective confining
pressure, a fact that has been recognized based on many previous laboratory
test results. However, when the tests were performed in the overconsoli-
dated state, as Fig. 15b shows, the cyclic strength became larger than that
required at the corresponding effective confining pressure in the normally
consolidated state. These general characteristics are the same as those ob-
served in the static strength of normally and overconsolidated clays. Be-
cause of these characteristics, an increase in the cyclic stress ratio was
observed as shown in Fig. 15¢ in the unloading branches of the stress ratio-
effective confining pressure curve. In Fig. 16 where the test result for the
soil containing 58 percent fines is demonstrated, it is noted that a similar
increase in cyclic stress ratio occurred in overconsolidated specimens in a
more exaggerated manner. When the amount of fines in the specimen was
increased further, up to 100 percent, the gain in cyclic strength with an
OCR-value of 2.0 became as much as 70 percent, as shown in Fig. 17, of
the cyclic strength in the normally consolidated state. It is also noted that
the difference in void ratio between normally consolidated and overconsoli-
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dated specimens became more pronounced as the content of fines was in-
creased.

Test Results of Undisturbed Specimens

The results of cyclic triaxial tests on undisturbed specimens are shown in
Fig. 18-21, together with those on the specimens reconstituted afterwards.
As indicated in the figures, there was no significant difference in the void
ratio at the time of consolidation between the intact and reconstituted test
specimens. These figures show consistently that the cyclic stress ratio
required to induce failure in the specimens under a given number of cycles
was greater for the undisturbed specimens than for the reconstituted
specimens. To visualize more clearly the effect of specimen remolding, the
ratios in the cyclic strength under 20 cycles between the undisturbed and
reconstituted specimens were read off from the raw data in Figs. 18-21 and
plotted in Fig. 22 versus the fines present in each soil tested. Figure 22
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shows that on the average about a 15 percent strength increase was observed
in the intact specimens over the cyclic strength of the reconstituted speci-
mens.

Discussions of Test Results

As demonstrated in Fig. 1, natural soil deposits which exist in an alluvial
plane such as in the low-lying area of Tokyo are generally slightly over-
consolidated to an overconsolidation ratio of 1.0 to 2.0. The effect of this
order of magnitude of overconsolidation on the cyclic strength of soils was
investigated in the first phase of the present test program by using re-
constituted specimens. As the summary plot in Fig. 13 shows, it became
apparent that the increase in cyclic strength due to overconsolidation
became more pronounced as the specimen contained more fines. Therefore,
if the naturally occurring soils containing a fair amount of fines exhibit
higher cyclic strength than reconstituted specimens of the same soil, it may
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well be anticipated that the strength increase in natural soils is brought
about by the overconsolidation which takes place in the deposit for a long
period of time. To see the adequacy of this assumption, the ratio of cyclic
strength of overconsolidated specimens to that of normally consolidated
reconstituted specimens was calculated from the averaged results in Fig. 13
and this was superimposed on the diagram of Fig. 22, where the ratio of
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FI1G. 22—Comparison of cyclic strength of intact specimens with that of overconsolidated
specimens.

cyclic strength of undisturbed specimens to that of reconstituted specimens
was plotted versus the fines contained. It is clearly demonstrated in Fig. 22
that the increase in cyclic strength of undisturbed specimens over that of
reconstituted specimens agreed well with the increase in cyclic strength
that could be attributed to a slight overconsolidation by a factor of 1.0 to 2.0.
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Conclusions

A series of cyclic triaxial tests was performed on reconstituted speci-
mens overconsolidated in varying degrees of overconsolidation ratios
between 1.0 and 2.0. The test results showed that the overconsolidation
ratio of 2.0 could increase the cyclic strength by 70 percent as much as the
strength of normally consolidated specimens, and that the strength increase
became less pronounced as the fines present in the specimen decreased. On
the other hand, cyclic triaxial tests were performed on undisturbed speci-
mens as well as on normally consolidated reconstituted specimens of
identical soils. For the undisturbed specimens, about a 15 percent strength
increase was observed over the strength of the reconstituted specimens. By
comparing the two strength increases, the one in the intact state and the
other in the overconsolidated reconstituted state, each having a comparable
amount of fines, it was shown that the strength increase in intact soils
might have been brought about by the hardening effect of overconsolidation
with an OCR-value of 1.0 to 2.0. Since the strain history is also known to
influence the cyclic strength, the exact cause of the strength increase has
yet to be investigated.
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ABSTRACT: This investigation examines etfects of specimen preparation and testing
techniques, that is, loading wave form, degree of saturation, and density variations,
on the liquefaction behavior of Monterey No. 0 sand under cyclic loading. The test
results indicate that specimen preparation greatly affects the cyclic strength. Specimens
prepared moist were 38 to 58 percent stronger than specimens of comparable density
prepared dry. Also, specimens prepared using a procedure of undercompaction were
approximately 10 percent stronger than comparable specimens prepared without using
variable compaction. Loading wave form, as well, affected cyclic strength, with sinus-
oidal wave forms exhibiting strengths 15 percent stronger than triangular-shaped and
30 percent stronger than rectangular-shaped loading wave forms. An increase in
density of 20 kg/m> (1.2 b/ft®) caused a 22 to 30 percent increase in strength.

The results showed that changing the diameter of the compaction foot from 0.95 cm
(0.375 in.) to 3.56 cm (1.4 in.) or the molding water content from 12.8 percent to
8.0 percent, or testing specimens after a B-value of either 0.98 or 0.91 had been ob-
tained, had no significant effect on the cyclic strength of specimens.

KEY WORDS: sands, liquefaction, cyclic triaxial tests, testing techniques, specimen
preparation, soil dynamics, soils

Recent investigations by Pyke [/],® Ladd [2], Mulilis et al [3], Marcuson
and Townsend [4], and Mitchell et al [5] have provided clear evidence that
the liquefaction characteristics of saturated sands under cyclic loading are
significantly influenced by the method of specimen preparation or soil
deposition. There is limited data available in the literature, however, on
the effects of certain testing techniques or procedures or both on the lique-
faction behavior of sands (for example, what range of B-values can be used
without affecting the test results, and the effects of using triangular, rec-
tangular, or sinusoidal loading wave forms). The following investigation
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was petformed to provide additional information on the effects of specimen
preparation, to study the effects of certain testing techniques or procedures
or both on the liquefaction behavior of soils, and to assist in the establish-
ment of ASTM standards for cyclic triaxial testing.

Material

The material used in this investigation was Monterey No. 0 sand, whose
sand grains are rounded to subrounded. The physical properties and grain-
size distribution are presented in Fig. 1.

Testing Equipment

Undrained isotropically consolidated cyclic triaxial tests were performed
on remolded specimens of Monterey No. 0 sand, using two different pneu-
matic loading units.

G = 2.65
Yd max = 1693 kg/M2 (105,7 PCF)
Yd min = 1430 kg/M2 ( 89.3 PCF)
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FIG. 1—Grain size distribution for Monterey No. 0 sand.
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1. One of these units consists of regulators and solenoid valves to pro-
vide alternating air pulses to a double-acting load eylinder so that a load
is cyclically applied from the load cylinder through the connecting piston
to the specimen. This unit has the-capability of applying cyclic loads in a
rectangular wave form, a triangular wave form, or forms varying between
rectangular and triangular.

2. The other unit is a sinusoidal loading system designed by Chan and
Mulilis [6]. The main components of the system are a sine wave generator,
a volume booster relay, and double-acting air piston. At the start of the
test, when deformations are extremely small, the sine wave generator
applies a cyclic air pressure to one side of piston while the pressure on the
other side of the piston remains at a static value. As deformations become
larger with the onset of liquefaction, the volume booster relay boosts the
quantity of airflow required to keep the output pressure matching the
signal pressure from the sine wave generator. This air boost enables the
load on the specimen to remain constant during large strains, which gen-
erally is not the case in most other loading systems.

All cyclic triaxial tests were performed at a loading rate of 1 Hz, and
for any one test, irrespective of the loading system used, four variables
were monitored continuously during each test: axial load, axial deforma-
tion, pore pressure, and chamber pressure. The variables were monitored
with a load cell, linear variable differential transducer (LVDT), and pres-
sure transducers, respectively, and recorded using a high-speed continuous
line recorder. The equipment was carefully calibrated prior to testing.

Specimen Preparation

The effects of specimen preparation were investigated by performing
undrained cyclic triaxial tests on remolded specimens of Monterey No. 0
sand compacted to a relative density of approximately 60 percent by three
tamping procedures. In addition, several tests were performed on speci-
mens which were compacted by variations of a particular method. All
specimens were compacted in six 2.54-cm (1 in.) layers inside a rubber
membrane which was mounted on the base of the triaxial cell and sup-
ported by a split forming mold. A description of the three compaction
procedures follows:

1. Dry Rodding—The desired weight of dry soil for the first layer was
slowly poured into the mold, and a 0.95-cm-(%4 in.) diameter rod was forced
through the layer in a circular pattern until the layer decreased in thick-
ness to the desired height. Subsequently, the height of each layer was
determined to the nearest 0.025 cm (0.01 in.) by placing a straight edge
across the top of the mold and measuring the distance from the top of the
layer to the top of the mold with a scale. The procedure was then repeated
for each succeeding layer, producing a specimen approximately 15.24 cm
(6 in.) high by 7.11 cm (2.8 in.) in diameter.
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2. Moist Rodding—The desired weight of dry soil for the first layer was
placed in a beaker and enough deaired water was added to produce an
arbitrarily selected moisture content of 12.8 percent. The soil and water
were then thoroughly mixed and poured into the mold, and compacted
in the identical manner previously described. The compacted layer was
then scarified to a depth of about 0.25 cm (0.1 in.) and the procedure
was repeated for each succeeding layer, producing a specimen approxi-
mately 15.25 cm (6 in.) high by 7.11 cm (2.8 in.) in diameter.

3. Moist Tamping—This method of preparation is identical to that
previously described, except that the size of the tamping foot is different
for this method. In this case, each layer of moist sand and (w = 12.8 percent)
was compacted using a tamping rod with a tamping foot equal to one-half
the specimen diameter.

After the specimen had been compacted by any one method and sealed
by placing the top cap and securing the membrane with an O-ring, a
vacuum of 10 in. Hg (33.8 kN/m? = 4.9 psi) was applied to the specimen
through the top cap. Subsequently, the forming jacket was removed, and
the specimen was supported by the vacuum while its height and diameter
were measured. A straight edge was placed on the top cap of the specimen,
and a scale was used to measure the height of the specimen to the nearest
0.025 cm (0.01 in.}). The diameter of the specimen was originally measured
with calipers to the nearest 0.002 cm (0.001 in.), two mutual perpendicular
readings being taken at three equally spaced locations (approximately the
quarter points) along the height of the specimen. A thin steel circumferen-
tial tape, which is wrapped around the specimen and calibrated to read
the diameter directly, was used in the latter stages of the investigation.
With a little practice and extreme care, it was found that the diameter
computed from the average measurements obtained by the calipers agreed
reasonably well with that obtained by use of the circumferential tape.
However, since the circumferential tape measures the average diameter
at any one location on the specimen, whereas the calipers measure a “two-
point” diameter, the use of the circumferential tape will result in a more
accurate measurement of the diameter.

After the specimen dimensions were recorded, the triaxial chamber was
assembled and a chamber pressure of 34.5 kN/m? (5 psi) was gradually
applied while the vacuum on the specimen was simultaneously reduced to
zero. All specimens were then saturated by first allowing water to seep
slowly into the specimen, and then by simultaneously increasing the chamber
pressure and back pressure. Typically, complete saturation of the soil de-
termined by Skempton’s B parameter was obtained with a back pressure
of 414 kN/m? (60 psi) to 690 kN/m? (100 psi). All specimens were then
consolidated under an effective confining pressure of 100 kN/m? (14.5 psi)
for approximately 20 min prior to testing. Additional details concerning
testing equipment and specimen preparation are contained in Ref. 7.
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Effects of Specimen Preparation Procedure

A comparison of cyclic stress ratio versus number of cycles to cause initial
liquefaction (point at which peak pore pressure response equalled chamber
pressure) for specimens prepared by dry rodding and moist rodding using
rectangular wave loading is presented in Fig. 2; a summary of all the cyclic
triaxial test results is presented in Table 1. The results in Fig. 2 clearly
show that the specimens prepared by moist rodding were significantly
stronger than those prepared by dry rodding; the increase in the cyclic
stress ratio required to cause initial liquefaction is approximately 58 percent
at 10 cycles and 38 percent at 30 cycles.

Similar results were observed by Mulilis et al [3] in performing undrained
cyclic triaxial tests on specimens of Monterey No. 0 sand remolded to a
relative density of S0 percent and tested at an initial effective confining
pressure of 55.2 kN/m? (8 psi). They found that specimens prepared by
moist rodding at a water content of 12 percent were approximately 20 per-
cent stronger than those prepared by dry rodding when compared at the
cyclic stress ratio required to cause initial liquefaction in 10 cycles. The dif-
ference in the magnitude of the increase in strength (58 percent versus 20
percent) could be due to the fact that their specimens were compacted
to a lower relative density (50 percent versus 60 percent) and prepared in
a slightly different manner. [ After initially rodding each layer with a 0.94-cm
(3/8 in.) rod to the approximate desired height, a cylindrical surcharge,
7.1 cm (2.8 in.) in diameter, was used to achieve a level surface and de-
crease the thickness of the layer to the final desired height.]

Figure 2 also presents the results of two tests prepared by moist rodding,
but at a lower molding water content (8 percent versus 12 percent). These
results show that, at high stress ratios, reducing the molding water content
from 12.8 to 8.0 percent has virtually no effect on the cyclic strength of the
material.

Effect of Tamping Foot Size

Figure 3 presents the results of tests conducted to evaluate the effects of
tamping foot size, that is, moist rodding versus moist tamping. Based on
the results of two tests performed on specimens compacted using a larger-
diameter tamping foot, it may be seen that the size of the tamping foot had
virtually no effect at high stress ratios on the strength of the soil. Since
no effect of tamping foot size was observed, and since the moist rodding
and moist tamping compaction procedures were otherwise identical, it
was decided to use the moist tamping method of compaction to prepare the
remaining test specimens. This decision was based on the fact that the
moist tamping equipment provided closer control over the density of each
layer.
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Mulilis et al [3] also investigated the effects of tamping foot size on the
cyclic triaxial strength of Monterey No. 0 sand molded to a relative density
of 50 percent. They found that specimens prepared by moist tamping were
approximately 10 percent stronger than specimens prepared by moist rod-
ding. The small difference between the results of their investigation and
the one described herein could be due to scatter or to the fact that their
specimens were compacted to a lower relative density (50 percent versus
60 percent) and prepared in a slightly different manner. (The moist tamping
methods of compaction were identical, and the differences in the moist
rodding method of compaction were described previously.)

Effects of Variable Compaction and B-Value

When compacting a specimen in layers, each succeeding layer densifies
the material in the layers below it. This fact was recognized by Chen [§] in
1948; hence, three tests were performed on specimens which were prepared
using a procedure of variable compaction suggested by Silver et al [9]. The
concept of variable compaction consists of preparing each layer at an
initially looser density than the final desired value by a certain percentage.
An optimum value of percent undercompaction is chosen for the first layer
and each succeeding layer is prepared denser, or at a lower percent under-
compaction, the result ideally being a uniform specimen with respect to
density. Typically, the optimum value of percent undercompaction ranges
between zero and about 20 percent, with the higher value being associated
with very loose specimens. For the three specimens tested at 60 percent
relative density, a value of 10 percent undercompaction as suggested by
Ladd [10] was chosen.

In order to investigate the effect of the B-value on the strength of the
soil, the three specimens were tested at B-values of only 0.91, 0.92, and
0.93, as opposed to the typical B-value of 0.97 or greater. Figure 4, com-
paring the effects of undercompaction and B-value, shows that specimens
which were undercompacted and tested at a lower B-value were approxi-
mately 10 percent stronger. Thus, it may be concluded that using a pro-
cedure of variable compaction and testing at a lower B-value may result in
somewhat higher strengths.

To throw some light on the subject, the degree of saturation was cal-
culated for various B-values using the following relationship suggested by
Black and Lee [11]:

S = 1-Z(1 - B)

' 1-20
where

Q = Bn: G

Co
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and
B = Skempton’s parameter,

S: = initial degree of saturation,

P; = pressure corresponding to S [typicailly, 414 kN/m? (60 psi) for
the lower B-values, and 414 kN/m? to 690 kN/m? (100 psi) for
the higher B-values],

n: = initial porosity (for a relative density of 60 percent, n: = 0.405),

Cs = compressibility of soil structure (1.4 x 10-5 kN/m? = 10-* psi)
C, is approximately equal to

cw = compressibility of water (0.22 x 107 kN/m? = 3.2 x 10-° psi)

Aos = change in chamber pressure (68.9 kN/m? = 10 psi)

The results of these calculations indicated that for the conditions used in
this investigation, a measured B-value of 0.91 to 0.98 implied a degree of
saturation of 99.9 percent. Thus it might be concluded that the increase in
strength of the three specimens was probably due to the fact that the spec-
imens were formed using a procedure of variable compaction, rather than
to the fact that they were tested at a lower B-value. Support for this con-
clusion comes from studies by Ladd [10] which showed that the liquefaction
characteristics of sands can be greatly influenced by the amount of under-
compaction used in the specimen preparation procedure. Studies by Chaney
[12], however, indicate that the measured cyclic strength of remolded spec-
imens of sand tested at B-values ranging from 0.91 to 0.99 could vary
significantly, depending on the soil type, the density, and the initial ef-
fective confining pressure. Thus the foregoing conclusions may be applicable
only to Monterey No. 0 sand tested at a relative density of 60 percent and
an initial effective confining pressure of 100 kN/m? (14.5 psi).

Effects of Loading Wave Form

The effects of loading wave form on the cyclic triaxial strength were
investigated by conducting tests on specimens prepared by moist tamping
using the procedure of variable compaction and a sine wave load form.
In addition, two tests were performed on specimens compacted by moist



MULILIS ET AL ON TRIAXIAL TESTING 275

tamping with no variable compaction using a nearly triangular loading
wave. The results of the tests using a sine loading wave are shown in Fig. S,
along with a comparison of the results of tests using a sine loading wave
(on specimens prepared using the variable compaction procedure), nearly
triangular loading wave (on specimens prepared without using the variable
compaction procedure), and rectangular loading wave (on specimens pre-
pared without using the variable compaction procedure). Although only
two tests were performed using the nearly triangular loading wave, and
there is some scatter in the data, the following observations could be made
regarding the effect of loading wave form on the strength of the soil (see
Fig. 5):

1. Specimens which were tested using a nearly triangular loading wave
were approximately 13 percent stronger at high stress ratios than speci-
mens tested using a rectangular loading wave. Similar results were observed
by Lee and Fitton [13], Seed and Chan [14], and Thiers [15].

2. Specimens which were tested using a sine loading wave were approxi-
mately 15 percent stronger than specimens tested using a nearly triangular
loading wave and approximately 30 percent stronger than specimens tested
using a rectangular loading wave; part of the difference in strength is prob-
ably due to the procedure of undercompaction as explained previously.
Similar effects of loading wave shape were obtained by Silver et al [9] when
using a rectangular wave with a fast rise time. If the rise time in the rec-
tangular wave form was degraded such that the wave shape did not have a
nearly instantaneous change of velocity in either the loading or unloading
portion of the cycle, however, then the strength of specimens which were
tested using the degraded wave form was approximately the same as that
of specimens which were tested using the sine wave form. The shape of the
rectangular loading wave used in this investigation was in between the
shapes of the degraded rectangular loading wave and the severe rectangular
loading wave used by Silver et al [9].

Effects of Density

While it is generally agreed that the liquefaction potential of a soil de-
creases with increasing density (other factors being equal), the degree to
which a small change in density affects the liquefaction potential of a par-
ticular soil is not so well known. Since it is nearly impossible to consistently
prepare specimens to an exact density, a tolerance of +2 percent relative
density (£5.3 kg/m* = 0.33 1b/ft’) was arbitrarily chosen in this investi-
gation. However, to investigate the effect of a small change in density on
the strength of the soil, three specimens were compacted to a somewhat
higher density; the average relative density of these specimens was 66.4
percent (1595 kg/m* = 99.54 1b/ft}). The results of tests performed on
these specimens are presented in Fig. 6, together with the results of similar
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tests performed on five specimens whose average relative density was 59.5
percent (1576 kg/m® = 98.39 1b/ft?). It may be observed in Fig. 6 that
the slightly denser specimens were significantly stronger; the increase in the
cyclic stress ratio required to cause initial liquefaction is approximately
30 percent at 10 cycles and 22 percent at 30 cycles. Thus it can be con-
cluded that for Monterey No. 0 sand, an increase in relative density of
about 12 percent (20 kg/m? = 1.2 1b/ft?) can cause an increase in strength
of approximately 22 to 30 percent.

Conclusions

The investigation [7] described in the foregoing was performed to deter-
mine the effects of certain testing techniques or procedures or both on the
liquefaction characteristics of sands. Although some of the variables were
investigated to only a limited degree, the following conclusions regarding
the undrained cyclic triaxial strength of Monterey No. 0 sand may be drawn:

1. The cyclic strength of specimens prepared by moist rodding was ap-
proximately 38 to S8 percent greater than that of comparable specimens
prepared by dry rodding.

2. Specimens tested using a sinusoidal loading wave form and variable
compaction exhibited higher strengths than specimens tested using either a
nearly triangular or square loading wave form and no variable compacting.
Specimens tested using a nearly triangular loading wave form exhibited
higher strengths than specimens tested using a square wave form.

3. An increase in the relative density of a specimen of approximately
12 percent (20 kg/m® = 1.2 Ib/ft’) may cause a 22 to 30 percent increase
in the strength of the specimen.

4. Changing the diameter of the compaction foot from 0.95 cm (0.375 in.)
to 3.56 cm (1.4 in.), or the molding water content from 12.8 to 8.0 percent,
or testing specimens after a B-value of either 0.98 or 0.91 has been ob-
tained, appeared to have no significant effect at high stress ratios on the
strength of the specimens.

S. Specimens prepared using a procedure of undercompaction were
approximately 10 percent stronger than comparable specimens formed
without using a procedure of variable compaction.

Based upon the results of this investigation and supporting conclusions
from the literature, it is obvious that extreme care must be used in pre-
paring remolded sand specimens, and special attention paid to testing
techniques in order to obtain reproducible test results. In particular, the
method of specimen preparation, the shape of the loading wave form, and
the preciseness of density determinations greatly affect cyclic strength.
Hence, development of ASTM standards for cyclic triaxial testing should
include consideration of these factors and the results of this investigation.
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d Empirical parameter used in prediction of pore pressure errors
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p. Specimen pore fluid pressure predicted using diffusion model
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to, t1, tip Specific reference times
au Excess pore pressure
auy Total excess pore pressure
au, Excess pore pressure due to applied stress difference, ¢
au, Excess pore pressure due to mean normal stress, p
Au.. Excess pore pressure due to cyclic loading

A Strain rate at time ¢,

D Creep deviator stress

€ Strain rate

a Constant in creep rate prediction

The rate of applying cyclic or repeated loading to clay soils can vary
over a wide range of periods. In actual field situations, loading can be a
result of earthquakes with a loading period of less than one second per
cycle, through wind and wave loading with a period of several seconds,
to live loading of structures having a period of several months per cycle.
Undrained conditions can apply to all these problems because of the low
permeability of clay soils and the time required for drainage of excess pore
pressures in the field.

In some cases attempts are made to conduct laboratory tests at a rate
appropriate to actual field loading. More frequently, however, testing con-
venience controls the rate of load application. This is especially important
if accurate pore pressure measurements are required (effective stress meth-
ods), in which case the rate of testing may be quite slow. Effective stress
methods, and testing procedures appropriate to effective stress methods,
will become more common. This trend is clearly indicated by evolving
practice and government regulation, in Northern Europe, for example, and
in general for offshore applications. Consequently, the two conflicting
factors, a desire to test at rates similar to actual loading and testing con-
venience or requirements, must be weighed when selecting a laboratory
testing rate. The underlying question, however, is, What influence does
the rate of testing have on the response of clay soils subjected to cyclic
loading and what errors are associated with different rates?

There is no generally accepted method for conducting cyclic loading
tests on clays, although several methods have been described as part of
research on the fundamental mechanism of behavior of these soils [7-3].3
For sands there is an extensive literature describing the influence of many
testing variables, and systematic testing procedures have been proposed
[4-6]. However, most of this work was done using relatively rapid rates
of loading since the practical application of the results was to earthquakes.
The significance of cyclic loading rate has been noted for selected studies
on both sands and clays [1,7-9]. In summary, these studies have shown

3The italic numbers in brackets refer to the list of references appended to this paper.
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that under a rapid cyclic loading rate it usually takes more cycles to achieve
a particular result, either failure or some level of strain, than for an iden-
tical test run under a slower loading rate. On the basis of these studies
it is not clear whether failure will occur under some loading rates but not
others for a particular stress level. One reason for this uncertainty is that
testing errors have not been separated from testing effects.

In this paper the results of a comprehensive study on the influence of
testing rate are presented and both testing errors and soil response effects
are identified. Each major factor is discussed in a separate section, followed
by a discussion and recommendations to account for these factors. As a
basis for this study it is appropriate to summarize the response of a clay
soil subjected to undrained cyclic loading. Figure 1 applies to a saturated
contractive, or normally consolidated soil which develops cumulative posi-
tive pore pressures during cyclic loading. The illustration is for a triaxial
compression test loaded one way from an initial condition of no applied

c
equilibrium — e ”.

{a) (c)

- Critical level of repet'ned7
loading

{b) {d)

FIG. 1—Summary of the response of saturated soils to repeated loading: Curve A—mono-
tonic loading to failure; Curve B—low-level cyclic loading; Curve C—higher-level cyclic
loading.
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stress difference. As such, it may not be particularly relevant to a field
condition but it is a common and simple example of laboratory behavior.

The magnitude of pore pressure change and strain in a cyclic loading
test depends primarily on the level of cycled stress along with other factors.
When the cycled stress level is high, Curve C in Fig. 1, pore pressure will
accumulate to the point that an effective stress failure occurs. At lower
levels of cycled stress, Curve B, there is a different behavior. The pore
pressure and strain increase only up to a point after which a large number
of loading cycles produces no significant change in strain or effective stress,
and no failure. This condition is termed nonfailure equilibrium [2] and
must represent a common situation for soils which perform satisfactorily
under large numbers of cycled stresses in actual applications. The behavior
of soils under undrained cyclic loading has been summarized using illustra-
tions such as Fig. 1d, in which the level of cycled stress, S, is plotted against
the number of cycles at that stress level, N, necessary to cause failure.
The highest level of nonfailure equilibrium stress corresponds to the limit
of failure, the critical level of repeated loading.

Special attention is directed herein to the condition of nonfailure equili-
brium, especially to the unique relationship between cycled stress level
and the pore pressure at this condition, Fig. 2a. Sangrey et al [2] have used
the unique relationship between pore pressure and cycled stress level to
define a locus of nonfailure equilibrium in a stress space, Fig. 2b. This
locus, or equilibrium line, is defined by the effective stress state at the peak
of a loading cycle when nonfailure equilibrium has been achieved (Point
“e”” on Curve B in Fig. 1). Nonfailure equilibrium can be used as a refer-
ence for many of the errors and rate of loading effects introduced during
cyclic loading tests. The ultimate effect of most of these testing errors and
effects is a pore pressure different from that at the ideal nonfailure equili-
brium condition. For example, a possible testing error is a leak from the
pore pressure measuring system, leading to a drop in pore pressure. The
expression of this error would be an equilibrium effective stress condition
falling to the right of the equilibrium locus in Fig. 25. In contrast, a leak
through the membrane would cause an increase in pore pressure within the
test specimen and an effective stress state to the left of the equilibrium
conditions. A testing error of this type might ultimately result in failure
of the specimen.

The data used to define the nonfailure equilibrium condition in Fig. 2
were obtained from tests on a soil which had no significant undrained
creep potential and using test methods which minimized the effect of errors.
In the following sections, these two factors are described as the most signif-
icant ones affecting undrained cyclic load tests on clay soils. The example
in Fig. 2 has been carefully selected to be a best reference for the ideal
behavior of undrained cyclic loading of a clay soil with a minimum of
errors.
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FIG. 2—(a) Relationship of equilibrium pore water pressure to the level of cycled stress.
(b) Locus of nonfailure equilibrium stress states.

Effects of Undrained Creep

Creep is the phenomenon of continued long-term strain under drained
conditions, or pore pressure buildup and strain under undrained condi-
tions when a soil is subjected to a sustained stress. Creep has been studied
and described in terms of strain rate [10,11] and pore pressure buildup
12-14] for conventional triaxial test conditions. Effective stress testing of
soils subjected to cyclic loading requires separation of pore pressure effects
due to creep from those due to load cycling for rational prediction of field
behavior. This paper proposes a method to accomplish this separation.

It is appropriate to separate creep effects because they will be very differ-
ent in a test specimen compared with the field condition. In almost any
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field situation a soil will have existed under a particular stress state for a
long period of time and all significant creep effects will be over. In contrast,
the laboratory specimen is consolidated for only a relatively short time,
and creep, particularly undrained creep, will continue after the undrained
testing begins.

The classical contribution to the study of stress-strain-time effects under
sustained deviator stress is reported by Singh and Mitchell [10] and by
Mitchell, Campanella, and Singh [11]. Their work proposed the generalized
equation describing creep as a rate process

¢ = A<t_> ™ gad 1)
t

Soils exhibiting creep susceptibility were related to m values less than 1,
where m equals the slope of logarithmic strain rate versus time. The mechan-
ism proposed to account for the creep effect involved development of ade-
quate activation energy to overcome barriers corresponding to bonding
forces within the soil. Creep would occur only if the barriers could be over-
come in a preferred manner such that the net effect would be one of break-
ing soil bonds. This preferential orientation was to be brought about by
application of a shearing force, that is, a nonzero deviator stress.

Another approach was taken by Arulanandan, Shen, and Young [13],
who produced a series of experimental curves showing pore pressure buildup
with time under undrained conditions at various deviator stress levels
including zero. They concluded that the buildup of pore pressure during
creep resulted from the arrest of secondary consolidation under the mean
normal stress, p.

A more detailed analysis of these data was reported by Holzer, Hoeg,
and Arulanandan [74]. By subtracting the quantity of pore pressure gener-
ated at a given time in a creep test with zero deviator stress, g = o, from
the total pore pressure produced at the same elapsed time in a similar
creep test with ¢ > o, the remaining pore pressure was shown to be approx-
imately constant after an initial period of pore pressure equilization. The
authors concluded that time dependency of pore pressure during creep was
solely a function of the initial consolidation stress or mean normal stress,
p.

Since pore pressure increase under undrained creep may be divided into
a time-dependent portion which is a function of p-level and a time-indepen-
dent portion which is a function of g-level, it is proposed that a third
portion could be attributed to cyclic loading. The total pore pressure
generated during cyclic load tests on a creep sensitive soil could then be
described as

(au)r = (au), + (au)y + (& u)y 2
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A stress state plot of a series of these tests would take the form of Fig. 3.
Subtraction of &z, from the total pore pressures, auz, of tests which
had reached equilibrium would allow the plot of an equilibrium line, Fig. 2.

A single creep test at the consolidation conditions to be used in the test-
ing program could be used to generate the a2 x, data. For isotropic testing,
an appropriate test would be a zero deviator stress creep test from p,. For
testing anisotropically consolidated soils, a creep test from the consolidation
stress state would be preferred.

Experimental Program

To investigate the proposed model of pore pressure behavior, a series
of triaxial tests on San Francisco Bay Mud was conducted. Undrained
cyclic load tests, creep tests, and conventional deformation controlled tests
on specimens trimmed to 3.56 cm (1.42 in.) diameter from 7.62 cm (3 in.)
piston cores were run from an anisotropic consolidation state approximating
in situ conditions. Specimens were consolidated for 72 h before the drain-
age valve was closed; this consolidation period was approximately three
times ¢4, as defined by a log-time plot. Cyclic loading was done at a rate
of one or two cycles per day so that pore pressures could be measured
accurately. The general procedure for cyclic load tests at the various g
levels was to continue cycling until strain and pore pressure reached apparent

/

d =uncorrected data point /

/
/

Creep corrected /

I equilibrium line

q Corrected

onotohic

stress path / Total
] Stress
au(pN\au cycling \ au(q)

d [ b /0

P
p —i

FIG. 3—Effective stress conditions for cyclic loading tests illustrating the contribution
to pore pressure by creep, auy, cyclic loading, Auc., and applied stress difference, aug.
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equilibrium values (characterized by nearly closed hysteresis loops for
several cycles) or failure occurred. After reaching an apparent nonfailure
equilibrium condition, the test was monotonically loaded to failure. An
undrained creep test was done by following the consolidation scheme
just described, then closing the drainage valve at the end of the con-
solidation period and measuring pore pressures for a given length of
time thereafter.

Results are shown in Fig. 4 both as uncorrected and as creep-corrected
data. The creep correction to pore pressure involved subtracting the
amount of pore water pressure, a u,, generated at a given time in the
creep test, from the pore pressure, a ur, measured at the same time in
the cycled test. The net effect of the correction was to increase p by
4 u, while leaving ¢ unchanged. A simplification would involve lineariz-
ing the 4 u, versus log time plot of creep data to provide a computa-
tional rather than graphical method of determining & u,. The actual
curve, Fig. 5, can readily be linearized in the time range of interest
for most testing with minimal loss of accuracy

au, = k log (¢ — to) 3
Equilibrium
35
Actual failure Creep corrected
monotonic failure
30f (loz cycles) 102 cyclu}
768 hours 384 hours Ueye
1"
25} h
]
[I]
{
% 20r T3
~
P Uncorrected Creep corrected
= hysteresis loops hysteresis /
T s <3— loop
Pore pressure effect /
of undrained creep
1o} /
5| /
c 1 H i i i / - ]

5 10 15 20 25 30 35 40
p (KN/m?)

FIG. 4—Illustration of the correction of pore pressures (Test 13) to account for undrained
creep in San Francisco Bay mud, correction moves hysteresis to equilibrium line,
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FIG. S—Pore water pressure due to undrained creep in San Francisco Bay mud.

where
k = empirical parameter for a given test condition.

When the test data are corrected for undrained creep, the nonfailure
equilibrium conditions define an equilibrium locus much like the refer-
ence illustrated in Fig. 2 for a soil where creep was not significant. It
should be emphasized again that ir situ soils will have a negligible
potential for undrained creep and so a correction to laboratory tests is
appropriate if test results are to be meaningful when applied to a field
situation.

Without the creep correction it is difficult to interpret the results
of cyclic loading tests, because the pore pressures are not just a function
of the cyclic loading but also a function of the rate of loading and the
total time of the test. Since specimen behavior is dependent on the
effective stress state during the test, the amount of strain and whether
failure occurs or not will depend on the rate of testing and time as well
as the level of cycled stress. This is illustrated in Fig. 4 for Test T3.
The uncorrected hysteresis corresponds to 102 cycles of loading and an
elapsed testing time of 768 h. The specimen is on the verge of an
effective stress failure, but primarily due to the pore pressures 4 u,.
If the same number of cycles, 102, was applied at twice the loading
rate, the amount of pore pressure due to creep, 4 u, would bring
the effective stress state only to the position indicated by the dashed
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hysteresis loop. Similarly, if the rate of cycling was halved, the pore
pressures due to creep, 4 u,, would result in failure even though only
51 cycles of loading had been applied. Many of the conflicting conclu-
sions reported in earlier studies of cyclic loading of clays can be explained
by this correction.

Experimental Errors in Cyclic Loading Tests

Conducting an accurate cyclic loading test requires, as a minimum,
all of the care and control necessary in normal soil testing [/5]. In
addition, there are several rate-dependent factors which can introduce
significant errors in cyclic tests. The most important of these are pore
pressure measurement and equilization problems and the effects of air
diffusion.

A fundamental question is whether the triaxial test, or any labora-
tory test, is a reasonable model of the stress and deformation condi-
tions applied to a soil in situ during actual cyclic loading. Even if the
initial state of stress in situ can be applied to a test specimen, the real
cyclic loading will involve fluctuations in normal stress and shear stress
and will usually involve rotation of principal stresses. These conditions
cannot be duplicated with conventional testing equipment. Consequently,
any test involves simplification even without considering the problems of
duplicating the time history of cyclic loading. Several studies have been
concerned with these problems [3,5,8].

Pore Pressure Measurement and Equilization

While it is generally accepted that pore pressure changes are a principal
consequence of undrained cyclic loading, there are many situations when
these pore pressures are not measured. An effective stress analysis cannot
be done using such data, but other useful information can be obtained.
Especially when tests are run at faster loading rates, it may be impossible
to measure meaningful pore pressures in clay soils because of the time
lag required to register on a measuring system, even on a small-volume
compliance transducer. The need to allow sufficient time for measuring
pore pressures in laboratory tests is well known [15]; however, the related
problem of pore pressure equilization may be significant in rapid cyclic
loading tests.

The distribution of stress within a test specimen is not uniform, which
leads to nonuniform pore pressure distribution within the test specimen
[15]. Since the behavior of a cyclic loading test depends on the maximum
value of pore pressure, whether measured or not, the nonuniform pressure
distribution within the specimen will control its behavior. If the cyclic
loading is run at a rate so rapid that equilization of pore pressure within
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the specimen cannot take place, then the behavior in the cyclic test is a
consequence of the test procedure. Several factors are involved which
cannot be predicted or corrected at present, including the nonuniform
stress distribution and pore pressure equalization rates. Bishop and Henkel
[15] have shown data where the difference in pore pressures within an un-
drained specimen was 50 percent of the maximum value after more than
1000 min in a conventional undrained compression test. Similar conditions
are certainly produced during cyclic loading of clay soils, but there is no
method to account for these errors when interpreting the data. Sangrey
et al [2] among others have used slower loading rates for cyclic testing
of clay soils, so that the effects of nonuniform pore pressures can be mini-
mized.

Air Diffusion Through Membranes

Leaks in the pore pressure system or through the membrane surrounding
a specimen must obviously be eliminated for accurate undrained cyclic
testing. Diffusion through the membrane will also affect pore pressures.
A common testing arrangement for cyclic loading of soils utilizes com-
pressed air as a pressure source for the cell fluids. In this arrangement
the diffusion of air through the membrane and into the test specimen can
cause major errors [I/6]. The potential for this problem is most significant
when an air-water interface is established within the testing chamber itself.
This is a common arrangement when high-frequency cycling is applied
because the air acts to cushion the rapid pressure changes resulting from
the loading ram moving in and out of the cell.

Pollard et al [16] have considered the diffusion process and its influence
on pore pressures within the specimen. An approximate equation to de-
scribe the phenomenon is

P, = P.(1 — edt-t)) “)
where
P, = specimen pore pressure,
P, = cell pressure, and
t = time.

In this equation, d is an empirical diffusion parameter which may be
approximately constant but varies with pressure, the degree of cell fluid
saturation by air, and several less important factors. The parameter ¢z,
is an initial reference time depending on initial conditions, particularly
the degree of air saturation in the cell and pore fluids. Until time ¢, there
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is no pore pressure error due to the air diffusion. However, these errors
can become very significant in a short time after ¢,, as illustrated in Fig. 6.
For this test specimen all applied loading was held constant. Due to air
diffusion, however, the pore pressure was equal to 80 percent of the cell
pressure 200 h after the test began and 150 h after ¢..

Air diffusion errors can be controlled in most tests by increasing the time
t,. This can be done by using special seals around the test specimen or by
using cell fluids other than water [I4]. The convenience of using water
in routine tests is often an important consideration, however, and in this
case a satisfactory solution is to use a remote air-water interface connected
to the test chamber using a long section of small-diameter tubing. This
arrangement will not be satisfactory if an air cushion within the test cham-
ber is necessary because of very rapid loading rates. In this case the con-
solidation phase of the test up to the time when loading begins should
be done without the air cushion. Some cell water is then removed and

300" * o 4

2001 ¢ 1

zc i 1 i 1
[o] 50 100 150 200

time - hours

FIG. 6—Typical membrane air diffusion data for test on Concord blue clay illustrating
pore pressure change with time. The specimen had been isotropically consolidated to 300 kN/
m? (43 psi). There was no change in the applied load during the test.
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replaced by air. Under this condition the test must be completed before
t, if pore pressure errors are to be avoided.

Discussion

The rate of testing clay soils under cyclic loading conditions will have
an important influence on test results. Several major factors are involved
which cannot be avoided and there is no preferred testing rate to mini-
mize errors and undesirable effects. There are advantages to running tests
very slowly but this presents several major disadvantages as well. The same
can be said for running tests at rapid rates. The influence of testing rate
on the cyclic behavior of clays can be summarized as follows:

Slow Cycling Rates
Advantages: a. Pore pressures can be measured.
b. Uniform pore pressures within the specimen.
Disadvantages: a. Creep effects (can be corrected).
b. Air diffusion through membrane.

Rapid Cycling Rates
Advantages: a. May be more representative of actual loading rates
for earthquakes, wind, and waves.
b. Cost and convenience.
Disadvantages: a. Nonuniform pore pressure conditions within test speci-
men,
b. Creep effects (can be corrected).
c. Air diffusion through membrane.

Depending on a particular situation, some of these factors may be more
important than others. Certainly if effective stress analysis is considered
important, a slower testing rate must be used. For routine commercial,
testing, rapid rates may be more practical. In any case, the effects of creep
and air diffusion must be considered and, at least for the case of undrained
creep, it is appropriate to make corrections.

The significance of two factors is not clear at present. If the nonuni-
formity of pore pressure within the specimen is as large as some data
indicate [15], then there is a serious question whether any rapid rate of
loading test is at all meaningful when applied to irn situ conditions. Even
though pore pressures are not measured in these tests, the fact that the
test specimen is nonuniform in an unpredictable way that depends on
test conditions presents serious questions about the validity of rapid tests
on soils of low permeability. The other unanswered question is the impor-
tance of tests being done at the same rate as will be applied in the field.
Many engineering properties of soil such as stress-strain behavior and un-
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drained strength are significantly influenced by the rate of loading in a
monotonic mode [I7}. There is no clear evidence at present whether this
is also the case under repeated loading.

This paper is not concerned with cyclic loading of sands, but a brief
comment about the application of the results presented in this study of
clays is appropriate. Most tests on sand can be done in a relatively short
period of time, even for many cycles of loading. Permeability is high and
the potential for undrained creep is low. Consequently, the only factor
which might introduce a testing error is air diffusion through the mem-
brane and this will depend on the time ¢, for the particular test.

Conclusions

A number of factors have a significant influence on the behavior of clay
soils subjected to various rates of loading. Among the most important
are the effects of undrained creep, nonuniform pore pressures within the
test specimen, and errors due to air diffusion through the membrane. The
effects of undrained creep can be corrected and the errors resulting from
most other factors can be controlled.

There is no cyclic loading rate which has a clear advantage over other
rates although for particular purposes there is a clear preference.
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ABSTRACT: Geophysical procedures used to determine the shear modulus for soils
are reviewed and the more recent improvements in each technique are discussed.
The two most commonly used methods are identified and shear wave velocities by
both methods are compared for nine different sites. Considering all of the variables
involved in both the test procedures and the soil types, the agreement is considered
good. Two newly developed large-strain procedures for obtaining soil properties in situ
are also presented. One method is an impulse test which determines with closely
spaced waveform measurements the change in shear wave velocity both as a function
of depth and strain. The other method is a back-calculation procedure which cotrects
assumed model properties until agreement is reached between the calculated and
field-measured response. Both methods offer promise for the future development
of better large-strain field procedures for conducting more complex seismic studies.

KEY WORDS: geophysics, soil dynamics, seismic velocities, shear moduli, field tests,
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Great progress has been made in recent years in the development and
improvement of analytical procedures for evaluating the response of soils
under dynamic loading. As the analytical methods are refined to solve
more complex problems, procedures must also be improved to provide
more realistic parameters for defining stress and strain properties for use
in these models. In cases where there are no permanent soil displacements
and where loading is primarily in shear, the response to a specific input
vibration is determined primarily by the shear modulus and corresponding
damping of the soils through which these vibrations must pass. Because
these properties for soils are nonlinear, a single cycle of simple shear load-
ing, and unloading, as produced by an earthquake on a soil deposit, follows
a curvilinear stress-strain path having the form of a long, narrow, closed

IExecutive vice president, senior associate engineer, and vice president, respectively, Shannon
& Wilson, Inc., Seattle, Wash. 98103.
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loop (hysteresis loop). The shape and orientation of the loop change as the
amplitude of strain changes.

These loops can be obtained in the laboratory at both low and high
strain levels and show that the soil is not only nonlinear but that it also is
capable of absorbing a considerable amount of energy. At small strains,
the fact that the stress-strain characteristics are more nearly linear and
elastic is also evident.

For convenience and simplicity in performing dynamic response analyses,
this hysteretic behavior for soils is currently expressed as equivalent linear
shear moduli and damping ratios. These values account for the hysteretic
loop for each cyclic pulse during a defined period of shaking. In addition
to laboratory determinations, the shear modulus is currently being deter-
mined in the field at small strains using geophysical wave propagation
methods. These geophysical methods together with recent successes in
extending these procedures and measurements to larger strains are treated
in this paper.

Damping can be measured in the field by observing the rate of decay
of amplitude of wave motion with distance from a large energy source such
as an actual earthquake or blast. Unfortunately these sources are neither
predictable nor routinely available. Smaller sources such as vibration
generators have produced microtremors to study damping at low strain
levels. Energy dissipation from these sources results from geometric damping
as well as from internal (hysteretic) damping. It is very difficult at this time
to distinguish between the two, either at high or low strains.

Because of these difficulties in distinguishing hysteretic damping from
total damping in situ, there are no field tests that are routinely performed
for determining this property. For practical application, emphasis is placed
on studying and measuring this property in the laboratory. Even though
the field determination of damping appears elusive and difficult, the authors
greatly encourage future research on this important property. For lack of
field methods for determining this property, emphasis in this paper is
placed on field procedures for evaluating the shear modulus.

Geophysical Techniques

Geophysical techniques are normally used to determine the dynamic
Young’s modulus (E) or shear modulus (G) of the soil through measurement
of the compression wave (V,) and shear wave (V.) velocities, respectively.
Since compression wave velocities are strongly influenced by the presence
of water, emphasis for engineering problems continues to be placed on the
determination of shear wave velocities and converting these values to G
directly and then to E through the assumption or determination of Poisson’s
ratio.
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There are three primary field methods routinely utilized to measure the
shear wave velocity: (1) the downhole, (2) crosshole, and (3) surface refrac-
tion methods. It is not the intent of this paper to describe in detail the
procedures of these methods or how to identify first arrival times, as this
has been adequately covered elsewhere [/-6].2 Instead, it is intended to
(1) point out the more significant advancements in the field in recent years,
(2) describe briefly the most suitable procedures for carrying out the tests,
and (3) describe the unique features and shortcomings of each method.
From these discussions, guidance is also provided for selecting the best
method or methods for obtaining adequate data for given site conditions.

In general, all of these geophysical techniques have a common limitation:
they provide velocity measurements only at low strain levels (generally less
than 10-* percent). Therefore, the velocities (or moduli) determined by
these procedures must often be scaled downward appropriately to account
for the strain dependency of this property. This is usually done through
the use of data from laboratory resonant-column or cyclic triaxial tests {2, 7]
or by using empirical relationships {2,8].

Downhole Method

The downhole method involves the generation of seismic waves rich in
shear energy with an impulse source at the ground surface adjacent to a
borehole. The travel time of the downward-propagating shear wave is
measured at one or more multi-axis geophones clamped in the borehole
at various elevations. A simplified diagram of the procedure is shown in
Fig. 1. The travel times are then plotted with depth, the slope of which
corresponds to the shear wave velocity.

The procedure is well developed, simple in principle, and therefore has
not undergone many significant recent advancements. Probably the most
significant advancement is the development of a stronger impulse system [4].
This high-energy reversible bi-directional energy source has been used for
detecting shear waves by the surface refraction technique in sea-bottom
sediments. However, it probably would make an excellent surface strong-
energy source (18 800 m-kg) (68 ft-tons) for downhole work, especially
when measurements are required at great depths [greater than 152 m
(500 ft)]. However, there presently is not much demand for shear wave
velocity measurements at these depths.

Another improvement in the procedure is that as more sophisticated
multichannel recorders become available, more geophones are being placed
in a borehole at one time (two or three multidirectional geophones), enabling
more simultaneous readings to be taken with a single impulse. This not

2The italic numbers in brackets refer to the list of references appended to this paper.
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FIG. 1—Schematic diagram of downhole method.

only enables the measurements to be taken more quickly, but also provides
for measuring time differences between respective geophones as well as
from the energy source.

Another important advancement has been the development of the multi-
channel signal-enhancement seismograph. With this equipment, not only
two or more downhole transducer packages can be used as just described
to measure incremental as well as total travel times, but stacking or signal
enhancement can be used to increase the signal-to-noise ratio, thereby
providing data with improved clarity. A variation of this technique involves
alternately reversing both the polarity of the energy source and of the
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geophone for repeated applications of the mechanical source. In this way
the shear wave signal is cumulatively added and compressional wave energy
and random noise are cancelled out.

The most widely used downhole approach currently involves using a
rich source of reversible shear wave energy and good coupling between the
geophones and the walls of the borehole. The most common energy source
consists of striking a post, buried plate or plank, or embedded concrete
block (Fig. 1) with a sledgehammer. By reversing the direction of the impact
and by taking two records at each depth, the polarity of the shear wave
reverses while the compression wave characteristics in the wave pattern
remain unchanged. The two records can then be overlaid and the true
arrival time determined. Although not common practice, it is the authors’
opinion that in all downhole work more than one in-hole geophone should
be used and that time differences between respective in-hole geophones
should be recorded as well as arrival times with respect to a time zero
(impact). Using this approach, a single average velocity can be determined
between each set of geophones (generally spaced 1.5 or 3 m (S or 10 ft)
apart) and plotted with depth as a point rather than as a straight-line
segment over an interval. This not only gives a more realistic velocity depth
profile, but also with the points plotted the investigator is able to have a
better view for the possible scatter in the test results. Also, by recording
incremental intervals of time between in-hole geophones, the many difficulties
associated with triggering are eliminated. This subject is well discussed by
Hoar and Stokoe [9] elsewhere in this volume.

The unique features of the downhole test include:

1. Low cost. It requires only one hole, utilizes a simple energy source,
and does not require support or standby time of men and equipment.

2. Ease and ability to reverse the polarity.

3. Generation of Sy waves which travel (in most cases) perpendicular
to layer interfaces, keeping reflected and refracted V, and V,; components
to a minimum [10].

4. Determination of average shear wave velocities in horizontally stratified
media and identification of relatively thick low-velocity zones.

S. Applicability in limited space areas.

6. Workability in noisy areas with stacking or signal enhancement.

The major shortcoming of the test is that the small strains produced
make the signal-to-noise ratio low in many cases. This condition is especially
difficult to handle in heavy traffic areas, around machinery or electrical
works where seismic noise is likely to be significant. Special variable filter
systems and variable gain amplifiers, and often late night work, are usually
required to keep noise levels within tolerable limits. Along with this spe-
cialized equipment, an experienced geophysicist is also needed. This geo-
physicist will not only know the “art” of minimizing noise, but also how to
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set the amplifiers and filters and apply the proper impact to accentuate
the shear wave characteristics in the complex train of waves generated.
This expertise is needed when conducting the conventional test to depths
greater than 30 m (100 ft), especially if casing is used. These difficulties
have been largely eliminated with the recently developed signal stacking or
enhancement types of signal conditioning equipment.

Crosshole Method

The crosshole method involves generating a seismic wave in one borehole
and at the same depth in one or more adjacent boreholes measuring the
average time for the wave to travel between respective geophones or between
a single geophone and the source. A simplified diagram of the method is
shown in Fig. 2. Once the distance between the boreholes and first shear
wave arrival time are determined, shear wave velocities at that depth can
be calculated.

One of the most simplified and practical approaches by this procedure
was described by Stokoe and Woods [11]. A major shortcoming of this and
other crosshole procedures involved determining first shear wave arrival
times, especially when explosive charges were being used. The difficulties
of determining correct arrival times from a single event, such as an explosion,
is especially well illustrated elsewhere in this volume [12]. Records from
explosions are complex, because large shearing and compression components
are both generated. In the past five years, considerable research has been
conducted toward improving crosshole procedures primarily by developing
more repeatable energy sources and better techniques for identifying shear
wave arrival times. These same investigators [13] improved upon their
basic method [11] by striking up as well as down on their embedded pipe
or sampler. More recently other researchers [9] experimented with energy
sources by applying torsional loads in opposite directions in a borehole.
These procedures produced a reversal in polarity of the shear wave arrivals,
enabling arrival times to be clearly identified by the same basic procedures
used for the downhole test. References /4 and 15 describe case histories of
the successful use of this reversal method.

Investigators [ 16] also have suggested a skewed crosshole test for measuring
Sy waves, again using a reversal in polarity procedure to identify the first
arrival of Sy waves. This procedure appears reasonable for shallow depth;
at significant depths and steep angles, however, both sensors in the ad-
jacent boreholes could just as easily be placed in a single borehole. This
procedure would then be the same as the conventional downhole method.

Since 1969, researchers [17] at the Waterways Experiment Station have
been studying crosshole procedures using a vibropacker system for inducing
steady-state, vertically polarized shear waves. At that time the procedures
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showed promise with the advantages of applying a controlled energy source
over a period of time, as well as providing constant coupling of the energy
source to the borehole wall. More recently they have made greater improve-
ments in this method [/8]. An electromagnetic vibrator placed on a rod
which is attached to an oriented, spring-wedged geophone is used as the
source. The vibrator can pulse a controlled number of cycles at a pre-
determined frequency. Enhancing equipment is then used which sums
successive signals and displays processed data on the premise that true
signals are additive and random noise self-cancelling. The procedure with a
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controlled source gives repeatable results which, with the enhancing unit,
provide much better data than obtained using explosives or other non-
repeatable sources.

The foregoing investigators [I8] also improved upon the crosshole
procedures by decreasing the spacing between the boreholes. Stokoe and
Woods [11] used two boreholes spaced 1.5 to 4.5 m (S to 15 ft) apart
[typically 2.4 to 3.7 m (8 to 12 ft)] while Ballard [18] suggests that the
first two boreholes have maximum spacings of less than 6.1 m (20 ft). At
these close spacings, wave bending [ /9] and reflecting of waves are minimized
because the travel path is also minimized. When large borehole spacings
are used, the wave can travel over a different path through a more competent
layer, producing, in effect, a higher and incorrect velocity. In decreasing
the spacing, the authors have found that the boreholes should always be
surveyed to assure accurate distance measurements and thus velocity calcu-
lations. Boreholes are rarely, if ever, drilled truly vertical, especially if
gravels are present. Figure 3 presents the survey results of 12 boreholes
advanced at three different sites. These 11.4-cm (4.5 in.)-diameter closely
spaced boreholes were all advanced using the same drilling equipment
[rotary using a 3 m (10 ft)-long drill collar], taking special precautions to
advance the boreholes as nearly vertical as possible. One can imagine the
error involved had the distances between the boreholes been assumed and
not surveyed. Similar survey results have also been obtained using hollow-
stem augers. Differences in distance of this magnitude, if not accounted
for, can produce misleading velocity results and, therefore, should receive
equal attention as the determination of best arrival points on the velocity
histories. One procedure for surveying the boreholes is given in Ref 20.

Because of the relatively short distances used between boreholes for
crosshole measurements, travel times are comparatively small, and small
timing errors in the initiation of shear wave energy or determination of
shear wave arrivals can cause unacceptable errors in velocity calculations
when zero time is used. This can be remedied by paying particular attention
to the method of determining time zero or by using two or more adjacent
boreholes and measuring elapsed time between similar points on a waveform
recorded at two or more adjacent geophone sets [12].

The best geophysical crosshole procedure to use at a given site is largely
controlled by the available seismic recording equipment. The procedure
suggested by Stokoe and Woods [11], incorporating the reversal in polarity
technique and using closely spaced boreholes, appears especially desirable
because of its simplicity, its minimal equipment requirements, and the need
for only two borings. In recent years, investigators have been recommending
the use of more than two boreholes to improve on the quality of the measure-
ments. The procedure by Ballard appears equally suitable; however, more
specialized equipment would be required.
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As with the downhole procedure, data can be improved with the use
of multichannel stacking or signal-enhancement equipment.

With these recent improvements, the unique features of the crosshole
test now include:

1. The ability to reverse the polarity or produce a greatly enhanced
shear wave signal from a repeatable energy source.

2. A test simple to perform, requiring, in some cases, relatively low-cost
recording equipment.

3. A test generally unaffected by casing (if plastic casing is used).

4. TIts workability in limited space areas.

S. Its workability in noisy areas where there is a high ambient seismic
background.

6. Its workability in layered soils (if close borehole spacings are used).

The major shortcomings of the test are that more than one borehole is
needed, and support or standby time for a drill rig is sometimes required.
These are cost considerations. Also, there is the potential in layered soils
that the wave may reflect or refract and travel the fastest path through
more competent layers. This may cause thin low-velocity layers to be missed
or may produce, in effect, upper-bound velocity values rather than average
values.

Shear Wave Refraction Method

The procedure for making shear wave velocity measurements from the
surface without the use of boreholes is similar to the procedure for making
conventional seismic refraction measurements, except that horizontal
geophones are employed with the sensitive axis of the sensors aligned in
a horizontal plane transverse to the direction of wave travel. A simplified
diagram of the method is shown in Fig. 4. Detailed procedures and typical
results are provided in Refs 4, 6, and 26.

Little, if any, advancements in the procedure have developed recently,
except for possibly the use of a larger energy source [4]. The procedure is
not widely used or discussed in the literature. Especially in the refraction
procedure, data can be greatly improved through the use of multichannel
stacking or signal-enhancement recording equipment. Alternate reversing
of the energy source and geophones causes a sequential summing of shear
wave energy and cancellation of compressional wave energy and random
noise.

The unique features of the procedure include the following:

1. Itis a low-cost test.

2. Information can be obtained without the use of boreholes.

3. It provides a wider-area coverage than in-hole methods.

4. It provides good data for preliminary planning purposes and feasi-
bility studies.
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FIG. 4—Schematic diagram of refraction method.

The shortcomings of the test are:

1. It is accurate only under conditions where velocities increase with
depth; even then it averages rather than shows variations within a given
soil zone.

2. Low-velocity stratum below high-velocity stratum is not detected and
errors are introduced.

3. It requires large energies to achieve penetration.

4. The quality of data decreases with depth.

S. Data become complicated in multilayered deposits.

Direct Shear Wave Velocity Measurements

This is a procedure that is extremely simple and has received little atten-
tion in the literature as opposed to other more complicated procedures.
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Its use, however, is limited to exposures of rock or soil where only one
seismic layer is known to exist. A single or multigeophone array is placed
on the exposure, generally at short geophone spacings [less than 3 m (10 ft)].
The geophones are of the conventional vertical rather than horizontal type.
Velocity measurements are made by striking the outcrop vertically with a
hammer at the ends of the array. The seismic wave generated is a vertically
polarized shear wave which is measured by the adjacent vertical geophones.
If more than one seismic layer exists, refraction will occur and the second
layer velocity will become converted to compressional waves. This procedure
can be used only in the single-layer case.

Other Methods

Other less-common methods for determining the low-strain shear wave
velocity or modulus include (1) uphole procedures, (2) surface vibrator
procedures, and (3) static and vibratory plate bearing tests. The test pro-
cedures for these methods are described in Ref 2. Uphole procedures are
not commonly used, because explosives are usually required in the test.
With explosives, the hole is usually damaged and the recorded signal is
nonpolarized and therefore difficult to evaluate. The other two procedures
are more applicable for working at shallow depths. The surface vibrator
procedure also has the same shortcomings as the refraction method described
previously.

Conclusions

Of the three major geophysical tests, the downhole and crosshole tech-
niques are the most accepted methods in practical use for determining the
in situ shear modulus variation with depth, even though both have different
limitations. Shear wave refraction methods suffer for lack of detailed results
and because they can produce errors in other situations. Of the two most
accepted methods, the choice of one procedure over the other is largely
one of preference by the firm making the measurements. With the more
recent advancements discussed previously, both downhole and crosshole
methods are considered suitable techniques for obtaining positive shear
wave arrival times. Because only a limited number of studies have been
made comparing the results of the two techniques at given sites (generally
at nuclear power plant sites), a number of questions have been raised
about both techniques:

1. How do the results compare?

2. Is one better than the other?

3. Which gives the most representative values for earthquake analyses?

4. When should one procedure be used over the other?

5. Do anisotropic stress conditions sometimes account for differences
in results between the two methods?
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6. How does layering affect the methods?

Figure 5 shows a comparison of downhole and crosshole measurements
accomplished at nine different sites in California and Washington. A full
range of soil types, including sands, silts, clays, and gravels, is among the
data. Some materials are normally consolidated, others slightly preconsol-
idated, and others heavily preconsolidated, and have been deposited under
many different geological conditions. The tests were conducted using the
same holes at each site but in many cases using different recording equip-

RATIO Vg (DH)/ Vg (CH)*

0 0.5 1.0 1.5 2.0
0 T T u
v &
a
& o 4 5
20 va rl:l
A OA v
o wo
A0 11
40 vom, =
A Qlv A
v @en - 15
] Ao | v 2
= 60 |- ™ o|n o
had
- a|ov 420 =
= O e =
£ a1 &
had =
S 80 Ove| »
al v 15
0 W .
100 |- ay - — 30
[\ 4 on
- 35
120 | vde
v (ow
-J 40
140 L ©
SYMBOL  LOCATION  BASIC SOIL TYPE SYNBOL  LOCATION  BASIC SOIL TYPE
. FERNDALE  Sitty CLAY v T Silty SAND
. CHOLANE Clayey SILT O HOLLISTER  Sandy SILT
o EL CENTRO  CLAY,SILT & SAND ¥ TACOMA GRAVEL
A QUEEN ANNE  Silty CLAY O BLAIE Silty CLAY

a FT. LAWTON Silfty SAND
*¥s (OH) SHEAR WAVE VELOCITIES DETERMINEO BY OOWNHOLE PROCEDURE
¥s (CH) SHEAR WAVE VELOCITIES OETERMINEO BY CROSSHOLE PROCEOURE

FIG. 5—Comparison of test results from downhole and crosshole methoas.
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ment. In both test procedures, maximum spacing of any two sensors in the
boreholes rarely exceeded 3 m (10 ft). Also, in all cases the boreholes used
in the crosshole procedures were surveyed. At three of the sites, 7.6-cm
(3 in.) plastic casing was installed in the 10 to 12.7-cm (4 to S in.)-diameter
boreholes and the annular space around the casing was grouted. At the
other sites, tests were conducted in uncased boreholes.

While trends are obvious from these data and can be attributed to layering
effects, anisotropic conditions, and geology, the scatter can also be attributed
to errors in interpretation, significant layer changes, etc. With all the
different soil types and site conditions present in the data, it is amazing
that the data scatter is not more pronounced. The ratio values in most
cases range from 0.8 to 1.15 with an approximate average value of 0.95.
This would tend to indicate that downhole shear wave velocities are slightly
lower (5 percent or less) than crosshole velocities. The authors believe
that at these sites the slight difference is due to the influence of layering.
Shear waves (Sy) in the downhole tests propagate vertically through hard
and soft layers, in effect averaging the velocities between the geophones.
In the crosshole procedure, the shear waves travel fastest through the more
competent layers, producing a slightly higher than average velocity. Regard-
less of the causes, however, the small difference would tend to indicate that
these effects and the effects of anisotropic conditions, except in special
materials [21], are not large and that equally satisfactory results can be
obtained with either procedure. More comparisons of this type using the
latest advances in procedures and equipment are encouraged.

Modified Crosshole Impulse Techniques

Since conventional geophysical methods produce velocity or modulus
values at low strains, laboratory tests must be carried out on undisturbed
specimens to define the strain-dependent modulus characteristics of the
material. In recent years, at least three research efforts have been under-
taken in an attempt to measure in situ the strain-dependent dynamic soil
properties [20, 22, 23]. All methods used a modified crosshole procedure.
The first method [22] involved cyclically loading the ground with an in-hole
anchor connected by heavy pipe to a large surface vibrator. Equipment
design difficulties and other factors made the technique unfeasible. Two
other methods have been more extensively developed and show more promise
and, therefore, are described in the following sections.

In Situ Impulse Test

The in situ impulse test [20] is similar in many respects to the conventional
crosshole technique in that it is based on the generation and recording of
shear waves that propagate through a mass of soil between two or more
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boreholes. A diagram of the test, Fig. 6, includes an in-hole generating
source and three recording stations with vertically oriented velocity geophones
arranged along a single line in a horizontal plane at a given depth, inside
vertical boreholes.

The primary difference between this test and other crosshole impulse-
type tests is in the spacing of the boreholes and the generation of controlled
shear waves. The desired larger strains are obtained by decreasing the
spacing between the generating source and the boreholes. For achieving
large strains (10-3 to 10-! percent), geophones are generally positioned on
the energy source and 1.2, 2.4, and 4.9 m (4, 8, and 16 ft) from the energy
source. High strains (about 10-! percent) are recorded at the energy source
while 1.2 m (4 ft) away the strains are near 10-2 percent. Beyond 1.2 m
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(4 ft), the strains are much smaller and largely dependent on the stiffness
of the medium. The close spacing of the boreholes minimizes wave bending
and waves reflecting over paths greatly different than assumed.

A large controlled in-hole energy source is used to produce a single
dominant shear pulse rather than a more complex train of body waves.
The energy source (Fig. 7a) is formed by three aluminum curved plate
segments which, when activated by a 22 700-kg (25 ton) central ram, expand
outward, pressing tightly against the walls of the borehole. The in-hole
hammer shown (Fig. 7a) weighs about 68 kg (150 Ib) and when dropped
about 30 cm (1 ft) produces a dynamic force on top of the anchor of the
order of 9090 kg (20 000 Ib). Unlike other in-hole mechanical systems, this
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FIG. 7—Components of in situ impulse test method.
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force is applied directly on top of each plate segment, producing a large
shearing force at the anchor-soil interface. A Belleville spring with a stiff-
ness of about 53 700 kg/cm (300 000 1b/in.) is placed between the hammer
and the anchor plates to control the period and shape of the impulse wave
produced in the surrounding soil.

In a typical test, the time history of the single pulse generated is measured
simultaneously by four vertical velocity transducers, one fixed directly to
the anchor and the others to sensor holders (Fig. 7b) in the adjacent bore-
holes. The holders are rubber packers which, when inflated, achieve firm
coupling of the sensors with the borehole walls, With firm coupling the
transducers can move in high compliance with the soil. The velocity-time
data from an impact are first recorded in memory in a waveform recorder
(Fig. 7¢) and then replayed into an oscilloscope for field assessment. If
the data are observed to be acceptable, they are recorded on digital computer
tape directly from the recorder.

Simultaneous velocity-time records obtained in four different types of
soils at four different sites are shown in Fig. 8. The characteristic shapes
shown are easy to identify, clear, unfiltered, and completely repeatable.
Background noise is also negligible because at high strains the voltage
output from the transducers is over a thousand times larger than an equiv-
alent noise level. If each basic S-shaped pulse is integrated, the resultant
particle displacement will appear as a single down-up motion. Because this
motion resembles the input (that is, the impact causes the anchor and the
soil to move down and then back up to its starting point), the recorded
shear pulse at each sensor has physical significance. Therefore, rather
than picking a low strain time of first arrival point, the velocity of the
wave form can be given by using an identifiable point on each time history
which corresponds to a point in time after which peak strain has occurred
at that sensor. The most easily identifiable point on the velocity-time sig-
nature is the zero crossing point between the two large peaks of the S-shaped
pulse. Actually peak strain occurs near the first positive peak and therefore
this also is an equally acceptable point.

The arrival time data are then plotted versus the measured distance at
each sensor from the anchor (Fig. 9). The slope of the curve at each sensor
is the shear wave velocity at that location. The corresponding shear strain
can be computed as the ratio of the particle velocity amplitude to the com-
puted shear wave velocity. By plotting the four values of velocity versus
time, the variation of velocity with strain for each test depth interval can
be defined. By repeating the test at regular depth intervals, the velocity or
(modulus) variation with both strain and depth can be established for a
given soil profile.

Velocity-time histories obtained at the anchor are more complicated than
indicated in the foregoing and require special data reduction procedures
to account for slippage at the interface, radial jack stress conditions, and
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FIG. 8— Velocity-time records from four sites.

other factors. Processing of this data, discussed further in Ref 20, is semi-
empirical and requires further study.

The unique features of the test are that clear, consistent, repeatable
records are obtained in all types of soils and, unlike conventional geo-
physical tests, large controlled strains are produced in situ, providing
velocities or equivalent moduli both as a function of strain and depth.

Also, the test does have limitations, which are discussed in detail in Ref
24. The most significant limitation is cost. Extra boreholes must be drilled,
sophisticated in-hole recording and borehole surveying equipment (Fig. 7d)
is needed, and drill rig support is required. The test is also limited by the
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ability to advance boreholes at the indicated close spacings to great depths
without having them interconnect. Typically, testing by this procedure
can be conducted without undue difficulty to a depth of 46 to 61 m (150 to
200 ft) in most types of soil.

Cylindrical In Situ Test (CIST)

This procedure was developed in 1971 by the Air Force Weapons Lab-
oratory to provide an in situ technique for determining response of soils to
dynamic blast loads. As shown in Fig. 10, the test is in many ways like the
impulse test, described previously, in that it utilizes crosshole procedures,
closely spaced boreholes, and wave propagation measurement procedures.
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The approach and procedures are different in that the objective is to obtain
experimental data which are then used to develop a material model that
describes the dynamic behavior of the site material. The principle of the
test follows procedures used in Ref 25 to define shear modulus and damping
from earthquake data recorded at sites with multilevel stations. While
these procedures provide data on the combined effects of the shear or elastic
modulus and damping, certain assumptions are normally necessary to
evaluate the contribution of each.
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The test utilizes a large explosive source which is detonated in a 0.6-m
(2 ft)-diameter vertical cylindrical cavity. Free field measurements of ac-
celeration are taken simultaneously at 30 or more locations at various
ranges and depths within the various soil layers being tested. Input pressure
forces reaching 472 kg/cm? (6700 psi) are determined with cavity pressure
transducers. Once the field measurements are obtained, the material model
is developed through an iterative technique of matching calculated results
with measured time histories. The acceleration records are integrated and
data are studied in terms of velocity. The model parameters are revised
until all aspects of the particle velocity wave forms are reproduced. These
include arrival time, time of peak velocity, magnitude of peak velocity,
rise time, maximum positive phase duration, slope of the time history,
and attenuation of the peak with range. The finalized parameters may then
be used to calculate free field response to high-explosive and nuclear shock.

Instrument installation involves grouting accelerometers permanently at
various depths using grout with a density close to that of the soil. Signif-
icant expertise is required when placing and arranging for delays in shot
times to produce the desired effect from one blast. This, together with
sophisticated instrumentation for recording 30 or more channels of data
at one time, would no doubt be an extremely costly procedure to carry
out routinely as a conventional test procedure. The test currently is used
for blast and shock studies and is not yet applicable to earthquake en-
gineering problems. We understand that because this procedure has pro-
duced much better resuits than when laboratory parameters are used, the
developers of this test intend to adapt the principle of the test and pro-
cedures to study earthquake problems by generating largely shear rather
than compression energies. Because this approach allows for back-cal-
culation of all of the needed soil properties, further study of this technique
is supported.

Conclusions

Significant advances made in the field of earthquake engineering, which
resulted from the requirement to assure safe design of nuclear power plants,
established a need to determine accurate shear moduli as a function of
depth and shearing strain amplitude. This need has led to the development
of greatly improved energy sources, recording and triggering equipment,
and data reduction procedures. Both vibratory and mechanical impulse
sources have been developed and tested and they produce clear, controlled,
repeatable signals. Shear reversal techniques and enhancing equipment
have been used to enable more positive identification of first arrival times.
With these improvements, better and more accurate results are being ob-
tained using the two most common methods: crosshole and downhole pro-
cedures. Nine sites were tested using both downhole and crosshole pro-
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cedures, and the results show good agreement when considering ail the
different variables of each method. The authors conclude, therefore, that
either method is acceptable and will give reasonably comparable velocity
or modulus results, especially if controlled repeatable energy sources are
employed, along with enhancement equipment or possibly wave reversal
techniques to identify shear wave arrival times.

Two other modified crosshole techniques are also discussed which extend
existing geophysical procedures by testing at higher strains. A unique
feature of the in situ impulse test is that a clear controlled pulse is prop-
agated through the ground, producing a simple repeatable wave form which
has physical significance. This enables time measurements to be defined
at different known strains rather than using first-arrival-time techniques. It
is also unique in that the same basic wave shape or signature is produced
at all sites, at all depths, and in all types of material, enabling positive
determination of correct arrival times. Further research on waveform anal-
ysis procedures such as these is strongly recommended as it will enable, for
the first time, the field study of wave propagation in soils which are sub-
jected to dynamic stresses and strains in the nonlinear range.

The CIST test achieves its high strains through a large blast and was
developed for modeling blast or shock phenomena. The unique advantage
of CIST is that the soil’s full dynamic behavior can be represented. However,
it is a back-calculation procedure which relies on basic assumptions re-
garding its modeling and has not been extended to shear behavior. Further
research on this basic procedure is encouraged as it may provide a better
understanding of dynamic nonlinear soil behavior and may lead to field
measurement methods for the development or representation of soil prop-
erties to satisfy some of the more complex analytical models of the future.
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ABSTRACT: The use of undisturbed samples to evaluate in situ density and the
Standard Penetration Test (SPT) to estimate in situ relative density is reviewed. A
procedure for obtaining high-quality undisturbed samples of sands and the influence of
this sampling procedure on the in situ relative density are discussed. The use of
radiographs to evaluate sample quality is examined.

As a result of studies reviewed, it is concluded that the SPT is not sufficiently
accurate to be recommended for final evaluation of the density or relative density
of a site unless site specific correlations are developed. High-quality undisturbed
samples of sands may be obtained using a fixed-piston sampler and drilling mud.
This sampling procedure yields very good samples in deposits of medium-dense sands;
however, the procedure tends to densify samples of loose sands and loosen samples of
dense sands.

KEY WORDS: in situ density, relative density, sand, undisturbed sampling, Standard
Penetration Test, X-radiographs, soils

The accurate and reliable determination of in situ density and in situ
relative density of cohesionless soil deposits has plagued civil engineers
for decades. These determinations are currently made by direct or indirect
techniques. In direct techniques the soil weight and volume are measured
quantities and the ir situ density is directly calculated. The discussion
of these methods presented herein is limited to the use of undisturbed
samples to determine in situ density and the influence of the sampling
procedure on the density determined in the laboratory. Indirect techniques
refer to empirical correlations between index values and relative density.
The discussions presented herein are limited to correlations between Stan-
dard Penetration Test (SPT) N-values and relative density.
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Throughout this paper, reference is made to in situ density and in situ
relative density. Whenever possible, in situ density is discussed because
of the many problems inherently associated with relative-density deter-
minations. Indications [I-7]? are that even if the in situ density of a soil
deposit is known, the accuracy with which the relative density can be
obtained is of the order of +20 percent. This scatter is associated with
difficulties in obtaining accurately the minimum and maximum densities
required to compute the relative density. As a matter of practice, the U. S.
Army Engineer Waterways Experiment Station (WES) uses ir situ density
whenever possible, and resorts to the use of in situ relative density only
when it is necessary to compare different materials or different sites.

Indirect Determination of /n Situ Relative Density

The Bureau of Reclamation has reported results [8,9] which correlate
relative density with SPT N-values and overburden pressure. These cor-
relations were based on data obtained from laboratory penetration tests
conducted in tanks filled with sand. Bazaraa [10] also developed correla-
tions between SPT N-values, overburden pressure, and relative density.
These correlations were based on field data and are more conservative
than the curves developed by Gibbs and Holtz {§]. In the interest of brevity,
a discussion on the history of the use of the SPT to estimate relative density
has been omitted. If the reader is interested in this, he is referred to
deMello {11]. However, a brief summary of the results obtained at WES
in a recent laboratory study of the SPT is included. The details are pre-
sented elsewhere [12-15].

During this WES study, SPT’s were performed on 1.2-m (4 ft) diameter
by 1.8-m (6 ft) high samples of four sands (Reid Bedford Model sand,
Ottawa sand, Platte River sand, and Standard Concrete sand) at various
relative densities under overburden pressures up to 552 kN/m? (80 psi).
Figure 1 shows the grain size distribution curve and other pertinent data
for each of these sands. Figure 2 is a plot of N-values versus relative den-
sity obtained by WES for the Reid Bedford Model and Ottawa sands.
Data points are plotted on this figure for overburden pressures of 69, 276,
and 552 kN/m? (10, 40, and 80 psi) and overconsolidation ratios (OCR)
of 1 and 3. This figure depicts the spread of data for three overburden
pressures under ideal laboratory conditions. As can be seen, for a given
overburden pressure and N-value, the spread in the relative density is
about =+ 15 percent. Figure 3 presents the same data spread with the Gibbs
and Holtz and Bazaraa curves superposed for comparison purposes.

Figure 4 is a plot of N-values versus relative density for WES tests on
Platte River and Standard Concrete sands. Figures 2-4 indicate that a

2The italic numbers in brackets refer to the list of references appended to this paper.
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simple family of curves relating SPT N-values, overburden pressure, and
relative density for all sands under all conditions is not valid.

After discarding unreliable data, a statistical analysis was performed on
data obtained from testing all four sands. The equation developed to best
describe the data is

D, = 11.7 + 0.76 [|222)N + 1600 — 53(3,) — 50(C.)?|]*

where
D, = relative density, percent,
N = SPT blow counts, blows per foot,
o, = effective overburden pressure, psi, and
C, = coefficient of uniformity.

This equation fits the data obtained on normally consolidated material
with a coefficient of correlation (r2) of 0.85 and a standard deviation ( +o0)
of 8.3 percent.

The significant conclusions reached in this laboratory penetration test
study were as follows:

1. Based on a comparison between the correlations presented by Bazaraa,
Gibbs and Holtz, and WES, it was concluded that the SPT is not suf-
ficiently accurate to be recommended for final evaluation of the density
or relative density at a site, unless site-specific correlations are developed.
However, the SPT does have value in planning the undisturbed sampling
phase of the subsurface investigation and in comparing different sites.

2. Sand type and specimen preparation technique influence penetra-
tion resistance.

3. The spread of data derived from testing four sands under optimum
laboratory conditions suggests that a simplified family of curves correlating
SPT N-values, relative density, and overburden pressure for all cohesion-
less soils under all conditions is not valid.

4. The expression derived from the statistical analysis is based on data
obtained under laboratory conditions and therefore has limited applica-
tion. It does not adequately address the variability of subsurface conditions
found in the field. Water table conditions, overconsolidation, length and
weight of drill rods, and dynamic interaction of the drive-sampling system
were either not intensively studied or were not investigated. Additional
research is required to evaluate these factors.

Direct Determination of /n Situ Density

As previously defined, direct determination of in situ density means a
process in which the weight and volume of the soil are measured and den-
sity is easily calculated. It is generally accepted that there is no such thing
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as a truly undisturbed sample of soil. Samples that are routinely referred
to as “undisturbed”’ samples are high-quality samples obtained with
minimal disturbance. The question that remains is: How does this minimal
disturbance affect the density determinations based on weight and volume
measurements made in the laboratory?

Development of the Sampling Procedure

Over the past three decades, WES has conducted various studies with
the objective of evaluating various sampling techniques for determination
of in situ density [16-20). During the late 1940’s a drilling, sampling, and
handling procedure was developed which yields high-quality undisturbed
samples [16]. The drilling procedure uses a fishtail bit with baffles. These
baffles are welded on the bit below the jets to block the downward flow of
drilling mud which might otherwise disturb the sand to a considerable
depth below the bit. The sampling procedure involves the use of a fixed-
piston-type sampler known as the Hvorslev sampler. The drilling and
sampling procedures, including starting and advancing the boring, sam-
pling, withdrawal operation, and treatment of samples, are described
in detail in Ref 16. Using this procedure, the sample is withdrawn from
the borehole, held in a vertical position, and the sampler and 7.62-cm
(3 in.) inside-diameter thin-walled sampling tube are disconnected. The
tube is maintained in a vertical position while a perforated expanding-
end packer is placed in the bottom of the sample tube. The tube is placed
in a rack in the vertical position and allowed to drain. The time required
for proper drainage varies from 24 to 48 h depending on the amount and
character of fines in the soil samples. After drainage is completed, an
expanding end packer is placed in the top of the sample tube. If the
sample is to be used only for density determinations, it is rotated into
the horizontal position and placed in a cradle. The top of the tube is
marked and the top side of each tube is then struck SO light blows with a
rubber hammer, starting at one end of the tube and working toward the
other with 25 blows and then reversing the procedure, thereby consolidating
the sand and preventing possible liquefaction and flow of any loose particles
of sand in the tube during transportation to the laboratory. The tubes
are prevented from rotating during transportation. In the laboratory,
samples are cut into 7.62-cm (3 in.) increments with a band saw and unit
weight determinations are made by conventional methods for each incre-
ment of sample. The total volume of the section of tube from which the
sample increment is removed is used as the basic volume for the sample
increment in all unit weight determinations.

It is important to note that once the sample is extracted from the bore-
hole, its treatment depends on whether an undisturbed sample of the
material is desired for laboratory testing or whether in situ density is the
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only desired end product. Only if in situ density is the desired end product
is the sample tapped, thus disturbing the soil sample.

This sampling procedure is used routinely by WES and has been used
effectively during the subsurface investigations for at least three building
sites in Canada [21].

First Investigation

The density changes caused by the foregoing sampling procedure were
studied at WES in the early 1950’s [/7]. In this study, two sands, one
medium (MR-1) and one fine (MR-2), were placed in a 0.75-m (2% ft)
diameter by 1.8-m (6 ft) deep drum at high and low initial densities. The
grain size distributions are shown in Fig. 5. The sand was sampled using
a fixed-piston-type sampler with lacquered, thin-walled, seamless-steel
Shelby tubes. These samples were not tapped but were carefully transported
to the laboratory, where incremental distribution of density within the
sample was determined using all possible precautions to avoid additional
disturbance of the sample.
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The average density changes obtained are illustrated in Fig. 6. The
change in density versus initial density is plotted in Fig. 6a. The greatest
density changes were obtained in the first series of tests using the medium
sand (MR-1). The samples were taken with a 7.3-cm (2.875 in.) diameter
sampler having comparatively large clearances. High rates of penetration,
depths of penetration equal to 0.6 to 0.7 m (2 to 2.3 ft) and no surcharge
loads were used. The same sand was used in the second series of tests,
but the clearance was reduced to 0.50 percent and penetration was stopped
when settlements appeared to be excessive. The resulting disturbance
was much less than in the first series. No trends which can be attributed
to the controlled variation of equipment or procedures, or both, exist in
the density changes obtained in the second series. A fine sand (MR-2) was
used in the third series and samples were taken with a 7.62-cm (3 in.)
diameter sampler having variable clearances and using a constant rate of
penetration. The average density changes are similar to those obtained
in the second series of tests. No trends exist in the density changes which
can be attributed to variation in sampler clearance. In comparison with
the second series, the greater length of drive in the third series appears
to result in a greater disturbance of the loose material. Statistical cor-
relations were made of the results of the second and third series. The
results of these correlations appear to be reasonable even though based
on limited data. The scatter of the data about the line of regression, as
measured by the standard error of estimate, S, is in the order of +8.0 to
+11.2 kg/m® (£0.5 to 0.7 Ib/ft’). This scatter corresponds to the
average density changes caused by the laboratory density determination
procedures discussed earlier. It seems reasonable to assume that the scat-
ter obtained in the second and third series of tests was caused by inherent
errors in laboratory procedures and is large enough to mask any density
changes caused by controlled variation in sampling equipment and pro-
cedures.

The results of all tests are plotted in Fig. 6b as changes in relative density
versus initial relative density. The combined effects of sampling and testing
tended to cause a decrease in average density for initial relative densities
of greater than 77 percent and an increase in relative density for lesser
initial values in the second and third series. The scatter expressed as a
standard error of estimate, .S, amounts to +3.5 percent (in terms of rela-
tive density). The change in average relative density is large, 10 to 15 per-
cent, at extremely high and low values of initial relative density.

Second Investigation

Because the influence of overburden pressure was not adequately ad-
dressed in the first study, a second investigation was conducted at WES
during the late 1950’s [18]. During this study, two Mississippi River sands
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(Sands 1 and 2 in Fig. 7) were placed in a 1.07-m (34 ft) diameter by
1.98 m (6% ft) deep cylindrical tank at relative densities of approximately
20 and 90 percent. Surcharge pressures of 207, 414, and 690 kN/m? (30,
60, and 100 psi) were applied to the samples. After consolidation, 7.62-cm
(3 in.) undisturbed samples were taken using the Hvorslev fixed-piston

SPECIFIC DRY DENSITY, PCF

MATERIAL GRAVITY MAX MIN
SAND 1 2.65 104.2 87.2
SAND 2 2,66 111.6 95.6
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sampler. Figure 8 summarizes the pertinent results and gives corrections
for the change in density caused by sampling. The correction factor curves
are plotted in Fig. 8a. Lines shown to indicate the correction factors for
relative density at 10 percent intervals between 30 and 86 percent were
spaced by linear proportion. The plot of density correction for overburden
pressure indicates that at overburden pressures ranging from 138 to 345
kM/m? (20 to 50 psi), the density corrections for Sand 1 at a measured
relative density of 30 percent range from —19.2 to —25.6 kg/m* (—1.2 to
—1.6 1b/ft?) and for a measured relative density of 86 percent the cor-
rections range from +11.2 to +14.4 kg/m3 (+0.7 to +0.9 1b/ft>). At a
measured relative density of about 60 percent, which is common in the
field, the density correction is almost zero.

The density was also dependent on the location of the increment in
the sample tube. The correction was determined by the following procedure:

1. The measured change in density of each sample increment was cor-
rected for overburden pressure by entering Fig. 8a at the pressure equal
to the vertical pressure for the increment and reading horizontally across
to either the 30 or 86 percent correction factor curve, depending on the
measured density of the sample increment, and then reading vertically
down to the average density correction scale. The difference between the
total change in density of the increment and the correction determined for
the effect of overburden pressure is considered to be the change in density
effected by the location of the increment in the sample tube.

2. The change in density for the location in the sample tube was then
plotted for each increment, with sign reversed, against the height of the
increment from the bottom of the sample tube. The plot of increments
from the 30 percent measured relative density specimen is shown in Fig. 8b
and the plot of increments from the 86 percent measured relative den-
sity specimen is shown in Fig. 8c.

3. Smooth curves were drawn through the points. These smooth curves
were then combined in a single plot, shown in Fig. 84, and curves for
measured relative densities of 40, 50, 60, 70, and 80 percent were drawn
by linear proportion between the 30 and 86 percent relative density curves.
The corresponding dry densities are given for each relative density curve.

The plot of density correction for location of increment in the sample
tube, for Sand 1 at a measured relative density of 30 percent, indicates
that at heights greater than about 61 cm (24 in.) in the tube, the density
change is rather large and the data are quite scattered. This fact suggests
that densities of increments at heights greater than 61 cm (24 in.) in the
tube should not be considered reliable. Also, although density changes in
the bottom 15.2 cm (6 in.) of the 76.2-cm (30 in.) long sample tubes were
not excessive, it must be pointed out that the samples of the tank specimens
were not pulled from the tank immediately after the sampler drive had
ended, but were removed from the specimen after all three sample tubes
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had been pushed and the material excavated from around the tubes. If
the sample tubes had been pulled out immediately, as is necessary in the
field, it is believed that the density changes in the bottom 15.2 cm (6 in.)
would have been larger because of stress changes in the vicinity of the
bottom of the sampling tube. Therefore, in the analysis of density measure-
ments on samples obtained in the field, data from heights greater than
61 cm (24 in.) and lower than 15.2 cm (6 in.) should be disregarded and
only data from the central 45.7 cm (18 in.) should be used for determining
densities.

The combined plot of density corrections for locations of increments
in the sample tube for Sand 1 (Fig. 8d) indicates that at heights from
15.2 to 61 cm (6 to 24 in.) in the sample tube, the density correction for
30 percent measured relative density ranges from +16 to —28.8 kg/m?
(+1.0 to —1.8 Ib/ft?), and for 86 percent measured relative density the
correction ranges from —3.2 to +11.2 kg/m? (—-0.2 to +0.7 Ib/ft}). At a
measured relative density of 60 percent, a density commonly found in
the field, the density correction depending on height in the tube ranges
from +4.8 to —8.0 kg/m? (+0.3 to - 0.5 Ib/ft?).

Considering density corrections for both overburden pressure and loca-
tion in sample tube, the total density correction could be as large as —54.5
kg/m? (—3.4 Ib/ft?) for a measured relative density of 30 percent at an
overburden pressure of 345 kN/m? (50 psi) and height of 61 cm (24 in.) in
the sample tube, and as large as +27.2 kg/m?® (+ 1.7 Ib/ft?) for a measured
relative density of 86 percent at an overburden pressure of 345 kN/m?
(50 psi) and a height of 61 cm (24 in.) in the sample tube. However, for
conditions which are commonly encountered in the field [for example, rela-
tive densities ranging from 30 to 80 percent, and overburden pressures
ranging from 138 to 276 kN/m? (20 to 40 psi)], with heights of increments
in the tubes ranging from 15.2 to 50.8 ¢cm (6 to 20 in.), the maximum total
density corrections would range from -36.9 to +12.8 kg/m? (~2.3 to
+0.8 1b/ft?), with a more common average correction range of —19.2 to
9.6 kg/m? (—1.2 to 0.6 Ib/ft?).

Since the difference between maximum and minimum densities as deter-
mined by laboratory tests generally ranges from about 256.3 to 320.4 kg/m?
(16 to 20 Ib/ft3) for various sands, a density correction of approximately
16 kg/m? (1.0 1b/ft’) would amount to a change in relative density of
about 5 to 6 percent. Based on a limited evaluation of results of tests on
Sand 2, it appears that correction factors for other sands might be ap-
proximately 16 kg/m?* (1 1b/ft?) greater than correction factors for Sand 1
[that is, an average of about 32 kg/m? (2 1b/fi3)].

Third Investigation

Recently (1974-76) another series of tests was conducted on Reid Bedford
Model sand in a 1.2-m (4 ft) diameter by 1.8-m (6 ft) high stacked-ring
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facility [19,20]. The purpose of the stacked rings is to significantly reduce
sidewall friction so that the sand sample has a more realistic stress gradient.
Dry sand was placed in a stacked-ring facility, submerged, and then an
overburden pressure was applied. Finally the sand was sampled using
the WES procedure. Figure 9 is a comparison of placed density, corrected
for the effects of consolidation under the applied vertical loadings, with
sampled density. These data show considerable scatter and are difficult
to interpret. The linear regression fit to the data is aligned fairly close to
the line of perfect sampling, and crosses the perfect sampling line at a
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relative density of about 36 percent, which is considerably less than the
relative density of 77 percent reported in Ref 17 and shown in Fig. 6, but
the trend is the same. This variation may be attributed to (1) scatter in the
data which made precise interpretation impossible, (2) differences in the
sands tested (such as gradation, percent fines, and angularity), and (3)
differences in the methods of sample preparation. The principal results
and conclusions drawn from this study [79] are:

1. It was noted that the placed density at the time of sampling probably
varied from +46.4 to —24 kg/m* (+2.9 to —1.5 Ib/ft’) from the mea-
sured values.

2. The sampled versus placed density comparisons presented suggest
that sampling accuracy using the techniques described is within +54.5
kg/m? (£3.4 1b/ft?) for 95 percent of the sampling conducted at relative
densities ranging from 20 to 60 percent. However, it can also be con-
cluded that a more meaningful assessment of the sampling accuracy could
have been made had it been possible to exercise better placed-density
control during the study. It is very probable that in this event the apparent
accuracy of sampling would have shown corresponding improvements.

Despite the uncertainties cited, this and the preceding studies indicate
that sampling with a tube sampler tends to densify loose sand and to loosen
dense sands. More definitive conclusions regarding the influence of tube
sampling on the accuracy of density determinations cannot be advanced
because of the uncertainty associated with the placed-density results un-
covered in this study, and which probably existed in the previous studies.

Use of Test Pits

The results of all the studies discussed in the foregoing indicate that
good samples can be taken in medium-dense material. However, the
sampling procedure causes significant disturbance in either loose or
dense deposits. Consequently, it may appear desirable to obtain undis-
turbed samples from test pits instead of boreholes whenever an extremely
loose or dense deposit is encountered. The reader is cautioned that con-
solidation caused by the lowering of the groundwater table and shear stresses
imposed during excavation may have an influence on the density that is
larger than that experienced by sampling. Settlement markers should
always be installed prior to excavation so that the effects of lowering the
groundwater table may be evaluated. The equipment shown in Fig. 10
lends itself to obtaining high-quality undisturbed samples in test pits.
This equipment, developed by Geotechnical Engineers Incorporated (GEI),
Winchester, Mass., consists of a tripod holder and a 7.6-cm (3 in.) diameter
brass Denison tube. The details of its use and operation are presented in
Ref 22. The sampling procedure involves trimming the soil carefully for a
distance of about 0.3 to 0.6 cm (% to % in.) ahead of the tube to a diameter
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FIG. 10—Undisturbed sampler being used in a test pit (courtesy of GEI ).

slightly larger than that of the tube. Then light (a few pounds) vertical
pressure by hand is used to advance the tube, and the cutting edge shaves
off the excess soil. This procedure is repeated until the desired sample
length is recovered. Indications are that this sampling procedure also tends
to loosen dense materials by an average of about 32 kg/m? (2 Ib/ft?) with
extreme values as large as 64 kg/m? (4 Ib/ft?). Thus when a dense and
possibly a loose deposit is encountered, test pits may not provide better
undisturbed samples than borings; however, they do provide high-quality
additional data unobtainable from borings. For this reason, test pits may
be desirable.
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Evaluation of Sample Quality

If one assumes a uniform thickness of sample tube and a uniform thick-
ness of a homogeneous sample, then the density of the sample is roughly
proportional to the film density of an X-ray; compare Krinitzsky [23].
Figure 11 shows a radiograph of an alluvial sand sample obtained with
a Hvorslev fixed-piston sampler. Also shown is a plot of film density through
the centerline of the core. This technique has been employed in several
studies by WES [24-26] to evaluate qualitatively sample variation, layer-
ing, and disturbance.

Figure 12 shows radiographs of both high-quality and low-quality un-
disturbed samples. Notice that in the high-quality samples the bedding
planes can be seen all the way to the sample edge. In the low-quality sam-
ple these planes are contorted, indicating disturbance. Visual observation
of these radiographs indicate layering of the deposit, and the tubes can
be marked at layer boundaries and cut so that the density of various layers
can be determined. In general, WES avoids using relative density whenever
possible; however, when relative density is required it is critical that layers
be kept independent, because the mixing of materials will change the
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gradation and this can change the maximum and minimum density deter-
minations considerably {27].

Research currently in progress at WES has as its objective the accurate
and reliable determination of soil moisture and density from undisturbed
samples {28]. The process involves the use of Californium 252 to determine
bulk density and water content. Preliminary results indicate that an ac-
curate determination of bulk density and water content is feasible in the
forseeable future.

Conclusions

Based on the work summarized herein, the following conclusions can
be drawn:

1. The SPT is not sufficiently accurate to be recommended for final
evaluation of the density or relative density at a site unless site specific
correlations are developed. However, the SPT does have value in planning
the undisturbed sampling phase of the subsurface investigation and in
comparing different sites. The empirical correlation of SPT N-value versus
D, derived from the statistical analysis does not adequately address the vari-
ability of subsurface conditions found in the field. Water table conditions,
overconsolidation, length and weight of drill rods, and dynamic inter-
action of the drive-sampling system were either not intensively studied
or were not investigated. Additional research is required to evaluate these
factors.

2. High-quality undisturbed samples of sands can be obtained using
a fixed-piston sampler and drilling mud. This sampling procedure yields
very good samples of medium-dense sand, but tends to densify loose de-
posits and loosen dense deposits. This disturbance appears to be a func-
tion of relative density, overburden pressure, and position in the sample
tube. This disturbance may cause the sample density to be in error by as
much as 64.1 kg/m? (4 1b/ft?) in extreme cases.

3. The sampled versus placed-density comparisons presented suggest
that the sampling accuracy using the techniques described is within +48
kg/m? (£3 Ib/ft’) most of the time; however, it can also be concluded
that a more meaningful assessment of sampling accuracy could have been
made were it possible to exercise better placed-density control during the
studies.

4. The use of radiographs is an adequate and reliable way of deter-
mining the layering of the sample inside the tube and the degree of sample
disturbance.
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ABSTRACT: The author briefly reviews the factors important to the blowcount (N)
values obtained from the standard penetration test (SPT), and describes the dynamics
of the SPT in terms of wave transmission theory and measurements, The SPT appears
to correlate well qualitatively with sand liquefaction potential, with N proportional to
the factor of safety against liquefaction. The SPT can also provide the basis for the
field-model determination of the Js and J, damping coefficients in the wave equation
analysis of pile-driving problems. An example indicates it may also correlate locally
with shear wave velocity in sands. Because of its current variability, however, the
profession needs an improved, possibly alternative ASTM standard before we use the
SPT in important dynamic design problems. The author suggests using a mechanized
hammer drop system producing a fixed energy content in the first compression wave
in the rods, and the use of rotary drilling with the hole filled with drilling mud at all
times.

KEY WORDS: standard penetration test, dynamics, wave equation, liquefaction,
shear wave velocity (or shear modulus), ASTM standard, energy, soils, design

Worldwide interest in the standard penetration test (SPT) has increased
greatly in the past five years, primarily as a result of the great economic
importance of SPT data for the evaluation of possible liquefaction behavior
when siting major onshore and offshore structures. Perhaps deMello [1]*
started this renewed interest through his exhaustive but frustrating state-
of-the-art paper on the SPT. ‘‘Frustrating”’ because he found, despite
an exhaustive search, virtually no carefully controlled research on the SPT.
Since then the present author and others have performed controlled re-
search involving both the statics and dynamics of the SPT, which has led
to important new insight into what happens during the SPT.

1 Professor, Department of Civil Engineering, University of Florida, Gainesville, Fla. 32611.
2The italic numbers in brackets refer to the list of references appended to this paper.
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The author believes that understanding the SPT first requires an under-
standing of its dynamics. It then becomes clear that the SPT blowcount
measurement, or N-value, results from the dynamic interactions between
hammer, rods, sampler, and soil. In principle, a dynamic test such as the
SPT should model a dynamic structure-soil interaction problem or at least
sense some dynamic behavior properties of the soil sampled.

The SPT models the pile-driving problem and there exists a good theo-
retical connection between SPT behavior and the damping coefficients,
J, and J,, very important in any wave equation analysis of pile-driving
problems. Seed [2} showed that SPT N-values also appear to correlate well,
at least qualitatively, with liquefaction behavior. Also, as shown subse-
quently by an example, the SPT N-values may correlate well empirically
with shear wave velocity, V,. The dynamic SPT should, in principle, cor-
relate better with dynamic soil behavior than with any static or quasi-static
test such as the Dutch cone penetration test (CPT).

Unfortunately, before any of these important dynamic soil property
correlations can reach a quantitatively useful point of reliability and re-
producibility, matching what we usually expect from our engineering tests,
the profession must make important modifications to the present ASTM
Penetration Test and Split-Barrel Sampling of Soils (ASTM D 1586)
standard. This paper includes suggestions for such modifications.

A Minisurvey of New Research Knowledge

Schmertmann [3] showed in a discussion to deMello [/] that soil friction
or adhesion along the inside and outside surfaces of the SPT sampler could
account, and probably did account, for a major portion of the total static
and dynamic soil resistance against sampler penetration. The percentage
of side shear to total resistance usually increases as the cohesiveness of the
soil increases. This means that a major portion of the energy of the sam-
pling goes into shear. As a practical demonstration of this fact, Stokoe
and Woods [4], found the SPT an acceptable way of introducing waves
rich in shear energy in their crosshole shear wave velocity measurements.

Reasoning that the variables that affect the CPT would likely affect the
SPT in a similar manner, Schmertmann [3] pointed out the probable major
importance of the in situ horizontal effective stresses in determining the
N-value in a soil. Zolkov and Weisman [5] had already suggested this pos-
sibility in their study of sand overconsolidated by the removal of over-
burden. Rodenhauser [6], working in a triaxial test chamber at Duke
University, obtained SPT results in a dry sand, indicating N proportional
to the octahedral stress to the % power. Marcuson and Bieganousky ({7]
Fig. 10) report a marked increase in N at overconsolidation ratio (OCR)
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= 3 compared with the same sand at OCR = 1, presumably due to the
greater lateral stresses after overconsolidation. From all of this it seems
clear that in situ horizontal stresses play a major role, perhaps a dominant
role, in determining N.

N-values have played an important role in the field evaluation of lique-
faction potential. Seed and Idriss [8] used N-values to estimate relative
density, then compared field liquefaction and no-liquefaction cases with
relative density and earthquake acceleration, and then finally prepared
N-value and depth charts to indicate the likelihood of liquefaction. The
first step in this reasoning, estimating D, from N, received severe criticism
at the time [9-11]. More recently, the controlled N-D, study recently com-
pleted by the Waterways Experiment Station and reported by Marcuson
and Bieganousky [7] tends to further discredit the quantitative use of any
such correlation unless made specifically for a given site. Although the
Seed and Idriss double use of N-values reduces the importance of the N-D,
first step, Seed has responded to such criticism and to new research knowl-
edge and has now eliminated this step entirely by suggesting the direct use
of N-values without an intermediate correlation with relative density. With
this new method, the factor of safety against liquefaction varies linearly
with the N-value. Thus, a 100 percent error in N would result in a 100
percent error in factor of safety.

Only recently have researchers begun to delve into the question of under-
standing the dynamics of the SPT. Kovacs et al [12,13] have made direct
measurements of the velocity of the 63.5-kg (140 1b) SPT hammer at the
instant of impact with the anvil-rod system. Their research has demon-
strated quantitatively what others, such as Frydman [4], Zolkov [11,15],
and Serota and Lowther [16], showed only via the gross measurement of
blowcount ratios—the large variations in N due to different hammer-drop
systems. Their data showed definite trends from which they deduced that
increasing the energy in the hammer at impact would decrease N, with
some preliminary indications of N proportional to the inverse of hammer
energy.

Schmertmann [77] reported on perhaps the first experimental investiga-
tion of the dynamic behavior involved when an SPT sampler penetrates
the soil in response to the stress waves generated by the SPT hammer
blow. The following section of this paper discusses in a summary way some
of the findings from this research. The reader interested in details can
consult the Ref 17. This research involved a coordinated study of dynamic
force-time measurements obtained just below the hammer and just above
the sampler, resistance measurements during the quasi-static penetration
of an SPT sampler, associated quasi-static friction-cone penetration tests,
and computer simulations using the one-dimensional wave equation.
Figure 1 shows some photos from the research.
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(a) Screwing the dynamic load
cell into the string of reds

(b) The SPT hammer-rod system
with load cell in place

(¢) Typical manila rope & cathead
system used to faise and drop
the SPT hammer (note 3 turns)

{d) Hammer strikes anvil &
simultaneously hits
trigger to begin force-

. 3 time record from load cell

FIG. 1—Measuring the dynamic energy input into the SPT rods for research or calibration
or both.
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(&) The hollow dynamic load cell,
46,000 1b capscity, custom made
by Sensotec Co.

) The load cell signal then put
on a storage oscilloscope,
photographed, digitized, and
integrated for energy content

Fotee

Typical oscilloscope force-time record from a single
SPT hammer blow. MNumbers indicates

) Rapid rise of force in initial compression wave.
2) Peak force in this wave - about 21,000 1b.
3) Force decays with successive wave traverses in hammer.
4

Time at which the tension wave reflected from the
sampler reaches the load cell. Rods then pull amay
from the hammer and hammer+energy transfer stops.
Note: Eg~ ) F2 dt
'
5) The first tension wave.

&) The second compression wave after reflection of the
tension wave at the top of rods (note reduced energy
content compared to first compression wave)

7) The second %ension wave, etc.

FIG. 1—Continued (1 Ib = 0.45 kg).
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Review of Dynamics of SPT Sampler Penetration

From the coordinated research study at the University of Florida men-
tioned earlier, the author found that the following sequence of events takes
place during a single SPT blow:

1. The hammer falls impeded by rope-cathead friction and any other
energy-absorbing features of the hammer drop system. At the moment
of rod impact it has anywhere from about 30 to 80 percent of its supposed
energy of 63.5 kg by 76.2 cm (140 1b by 30 in.) = 4840 cm-kg (4200 in.-Ib)
= E*,

2. Compression waves start simultaneously in the rods and hammer,
traveling about 5030 m/s (16 S00 ft/s) in both. They reflect as waves of
opposite sign (compression-tension-compression, etc.) each time they come
to the bottom or top of the rods or hammer. Because of its short length,
many more wave traverses take place in the hammer than in the rods. Each
time the compression wave pulse in the hammer reaches the hammer-rod
contact, some of the hammer wave energy transfers to the rods, with a
gradual and stepped decay in the amount per transfer.

3. The aforementioned energy transfer manifests itself in the rods as a
compression wave with a short (approximately 0.6 ms) rise time to a peak
compression stress of about 110 320 kPa (16 000 psi). Then its magnitude
decays stepwise with time. These wave properties depend on the rod and
hammer materials (steel in cases investigated) but not on rod cross-sectional
area. The compression wave then reflects at the sampler and returns as a
tension wave but with a net loss of energy to the sampler. When this first
tension wave reaches the hammer, the rods pull away from the hammer
and the energy input, E;, from the hammer stops. With the rope-cathead
hammer drop system we find great variability in E;, with an average E,
equal about SO percent of E* [18,19]. The longer the rods, the greater
the hammer-rod contact time and the more hammer energy that enters
the rods for possible sampler penetration. Rod lengths less than 6 m
(20 ft) cause progressively more significant reductions in hammer energy
input because of the progressively earlier separation of rods from the
hammer.

4. The compression wave entering the rod depends only on the hammer-
rod system. It does not depend on the soil strength properties and there-
fore does not depend on N. For rod lengths exceeding 6 m (20 ft), 90+
percent of the compression wave energy has already entered the rods
before the hammer senses any effect from the soil around the sampler.
Soil resistance at the sampler, and therefore the N-value, has virtually no
effect on determining E;. Because of inevitable energy loss to heat during
hammer impact as well as some energy always getting trapped in the
anvil, the energy in the hammer at impact must exceed E;. The energy
loss from the impact can equal about 10 to 20 percent of E* [18,19].

S. The sampler does not begin its penetration until the first compression
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wave reaches the bottom of the sampler. Then it accelerates in about
0.5 ms to a maximum velocity of about 4.5 m/s (15 ft/s), afterward re-
ducing velocity as the wave passes and its force level reduces. The sampler
penetrates in decaying surges or cycles of suddenly increased and then de-
creasing velocity, synchronous with the wave cycles in the rods. The number
of such cycles increases with decreasing N because the time required for
penetration increases as N decreases, and with decreasing rod length
because the time per cycle decreases. By the time the sampler has pene-
trated to 90 percent of its final set, the average sampler penetration velocity
during this 90 percent has reduced to about 1.2 m/s (4 ft/s), with the
average velocity when at 90 percent reduced to about 0.45 m/s (1.5 ft/s)
[17,201].

6. The time for the sampler to reach 90 percent of its final set under
each blow varies inversely with N, taking approximately 10 ms when N =
20 and 40 ms when N = 5.

7. The set/blow, equal to 30 cm/N’ (12 in./N’), decreases steadily
over the 15 to 45 cm (6 to 18 in.) total penetration to measure N. The set
per blow at 45 cm (18 in.) of sampler penetration reduces compared with
the set of 15 cm (6 in.) in the same soil and when using the same hammer
system delivering the same E;. This decrease results from the steadily
increasing side-friction soil resistance against the sampler. Note that N =
N’ at 30-cm (12 in.) penetration.

8. To accomplish its penetration, the sampler uses about 80 percent
of the rod input energy, E;, to overcome dynamic soil resistance. The other
20 percent partly radiates away in soil ‘‘quake” and partly gets trapped
and dissipates in the rods. N’ varies inversely with the energy used, and
therefore also approximately inversely with E,—as expressed by Equation 1.

9. Equation 1, which results from wave equation simulation [17,20] of
five typical SPT blows obtained by Palacios [18], expresses the average
total end bearing and side-friction dynamic soil resistance to sampler
penetration, F,,, during its penetration

F,,(Ib) = 280 <—§:——> N (blows/ft) (1)

The total quasi-static soil resistance at the sampler at our University of
Florida research site averaged about S0 percent of the total dynamic
resistance in clays and sandy clays but increased to as high as 90 percent
in sands.

What Dynamic Soil Properties Can We Hope to Measure With the SPT?

It seems to the author that we can only hope to measure those dynamic
soil properties where the SPT provides either a direct model of the prob-
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lem at hand, or the factors that control the behavior of the SPT also simi-
larly control the dynamic property we wish to correlate against. The author
suggests the following possibilities.

The Wave Equation Soil Damping Coefficients J, and ],

The driving of the SPT sampler gives us a field test for the driving of
a pile. Both involve hammer impact on a one-dimensional rod system
to produce a pulsed or cyclic penetration of either pile or sampler into
the soil, with the penetration behavior controlled by the stress wave tra-
verses in the pile or sampling rods and the dynamic resistance response
of the soil. Many investigators have shown the validity of using the one-
dimensional wave equation to analyze real pile-driving problems. Others,
notably Adam [21] and McLean et al [22], have recognized that we can
also model the SPT behavior with the wave equation. Gallet [20] also did
so and had the advantage of having dynamic SPT field data against which
to adjust and validate his wave equation model for the SPT. After so
doing, and demonstrating that the soil quake generated at the SPT sam-
pler represented a negligible quantity, he could solve the SPT penetration
problem with the wave equation and evaluate J, and J;. Gallet determined
these damping coefficients for a number of SPT blows and obtained values
within the range of values usually assumed in pile-driving analyses. The
method looks viable.

The J damping coefficients represent major variables in the pile-driving
simulation using the wave equation method. More-accurate, site-specific
values of J might prove very useful in many applications. In principle, one
can estimate these from the SPT using only the ordinary SPT data and
the stress wave recorded by a dynamic load cell placed in the string of
rods. This load cell should be close to the anvil, but at least S rod diameters
below it, to allow the wave to recover from the effects of the area reduction
from anvil to rods. It can usually be placed above ground level for con-
venience, as shown in Fig. 1a and 1b.

Correlation with Factor of Safety Against Liquefaction

We now know from field experience, and in some cases from controlled
laboratory research [2], that all the variables we know of that increase
the safety factor against liquefaction occurring also increase dynamic SPT
or quasi-static cone penetration resistance. Table la summarizes these
variables.

The results from the University of Florida research on the dynamics of
the SPT can provide additional qualitative arguments to support the
possible applicability of the dynamic SPT for the prediction of dynamic
liquefaction behavior. Table 1b lists these additional arguments. The
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TABLE la—Qualitative comparison of soil penetration resistance with resistance
to liquefaction.

Effect on
Liquefaction
Factor of
Factor (after Seed [2]) N-Value Safety
1. Greater relative density + +
2. Greater depth (vertical efficiency stress) + +
3. Greater horizontal efficiency stresses + +
(OCR or roller compaction)
4. Cementation, aging phenomena + +
5. Vibration prestraining + +

(+ denotes increase)

TABLE 1b—Some additional dynamic advantages of the SPT for evaluating liquefaction.

6. Dynamic test to model dynamic behavior.
(a) Rapid penetration: average 1.2 m/s (4 ft/s), 90 percent in 200/N ms
(b) Pulsed penetration: decays with frequency 8000/depth (ft) Hz

7. Essentially undrained.

8. High percentage shear wave energy

Metric conversion: 1 ft = 0.3048 m.

SPT produces a pulsed sampler penetration and decaying cycles of loading.
The penetration occurs very quickly and must be essentially undrained in
all but very coarse soils. The sampler also introduces primarily shear
strains into the soil—to match the primarily shear wave propagation as-
sumed to occur under earthquake loading.

Considering the great qualitative similarity between penetration resist-
ance and factor of safety against liquefaction, plus the dynamic and cyclic
penetration of the SPT sampler and the dynamic and cyclic production
of the liquefaction phenomenon, it seems quite reasonable to expect at
least some useful degree of correlation between the SPT N-value and the
factor of safety against liquefaction.

Correlation with Shear Wave Velocity

The shear wave velocity depends on the shear modulus, which in turn
depends on the dynamic stress-strain properties of the soil and the level
of strain in the traveling shear waves. Because the SPT sampler penetra-
tion involves primarily dynamic soil shear behavior, at the failure reference
level of shear strain and modulus one can argue that it would be reason-
able to expect a correlation between N-values and shear wave velocities
at the other reference level of very low strain and maximum modulus.
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Figure 2 shows an example from a research site in Florida that indicates
such a correlation may exist—at least for a specific site. These data come
from Heller [23].

The research site consisted of fine sands, above the water table. Figure 2
shows shear wave velocity profiles with depth using different determination
methods and the average N-value profile as determined by Waterways
Experiment Station equipment and personnel. It appears we can say that,
approximately, V, (ft/s) = 50 N at this site. The author understands that
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the Waterways Experiment Station currently has an active project to more
thoroughly explore the possibility of a more general correlation between
V,and N.

As a matter of general interest, Figure 2 also includes the average g,
profile from a large number of Begemann friction-cone penetration tests
at the same site. It seems that one could also develop a site correlation
between V, and the static cone bearing capacity, g..

First Need to Restandardize the SPT

From only the previous section of this paper the reader would perhaps
reach an optimistic conclusion about the possible use of SPT N-value data
to make useful quantitative predictions of those dynamic soil properties
discussed, and perhaps of others not discussed. Unfortunately, the SPT,
as practiced in the United States under ASTM Method D 1586, suffers
from a perhaps fatal or near-fatal flaw. Practicing engineers know all too
well that the test and its N-values have a poor reproducibility and great
variability between different operators and equipment. Many investigators,
as mentioned earlier, have pointed out this major flaw and given one or
more reasons to help explain it. See Schmertmann [24] for a broader
discussion of the variability problem.

One need not look far to see why in practice we have such great vari-
ability in the test. The author has attempted in Table 2 to organize his
digest of the literature and personal opinions as to the causes and magni-
tude of this variability. He believes that the major causes fall into two
categories: variability in the energy that actually enters the sampling rods
and travels to the sampler in the form of the first compression wave, and
variability in the effective stress conditions at the bottom of the borehole
during drilling and sampling.

As Table 2 indicates, these causes can produce major effects which
can easily change N by 100 percent. Note that this would also change the
factor of safety against liquefaction by 100 percent when using the SPT
field method for evaluating the factor of safety. The author considers this
an unacceptable situation. The present system negates almost any rational
use of the SPT as a quantitative design tool in dynamic as well as in static
problems. If we want to use the SPT to its potential for design in problems
involving dynamic soil behavior, we must first establish and enforce logical
standards for the performance of the SPT. The author offers the following
suggestions.

Standardize Energy Entering Rods

The various works cited earlier have shown convincingly that the energy
delivered by the drop weight system presents a major variable in deter-
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TABLE 2—Some factors in the variability of standard penetration test N.

Cause Estimated %
by Which Cause
Basic Detailed Can Change N
Effective stresses at bottom 1. use drilling mud versus +100%
of borehole (sands) casing and water
2. use hollow-stem auger +100%
versus casing and water
and allow head imbalance
3. Small-diameter hole (3 in.) 50%
versus large diameter
(18 in.)
Dynamic energy reaching 4. 2 to 3 turn rope-cathead +100%
sampler (All Soils) versus free drop
5. Large versus small anvil +50%
6. Length of rods
Less than 10 ft + 50%
30 to 80 ft 0%
more than 100 ft +10%
7. Variations in height drop +10%
8. A-rods versus NW-rods +10%
Sampler design 9. Larger ID for liners, —10% (sands)

Penetration interval

but no liners

- Noo12in. instead Ng 15 in.

—30% (insensitive clays)
~15% (sands)

- 30% (insensitive clays)
+15% (sands)
+30% (insensitive clays)

11. N3 1024 in. Versus N 5 (g in.

Metric conversions: 1 ft = 0.3048 m; 1 in. = 2.54 cm.

mining N. The work at the University of Florida has shown convincingly
that N varies inversely with the compression wave energy that actually
enters the sampling rods. We must develop a standard system that intro-
duces a specified compression wave energy into the rods, and that is re-
peatable all day long in normal operation. It seems obvious that this re-
quires a mechanized drop system that remains independent of operator
techniques. With such a system the engineer can adjust the drop height
to obtain a fixed amount of compression wave energy, E;, as determined
by appropriate integration of the force-time wave pulse measured by a
load cell placed in the rod system a short distance below the hammer.
Figure 1 illustrates how researchers at the University of Florida have
measured E;.

Of course, the idea of using a mechanized hammer drop system did
not originate here. Some countries have already adopted a mechanized
free-drop system as their standard. The paper by Kovacs et al [13] strongly
supports the idea of using a mechanized drop system in the United States
and details the impact velocity calibration results from such a system
presently marketed by a national U.S. distributor.
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The author already has some experience with trying to calibrate SPT
rigs using the common rope-cathead hammer drop system so as to intro-
duce a standard amount of wave energy delivered into the rods. However,
even under the somewhat artificial, especially attentive conditions of a
field calibration at a university site, the University of Florida researchers
found [19] a ratio of high/low E; energy delivered from blow to blow by
the same operator using his own rig that varied from 1.53 to 1.10, and
averaged 1.28 for 10 rigs when considering a random sampling of 5 blows.
The author believes that any rig using a rope-cathead hammer drop sys-
tem remains too operator-dependent to permit its use under a standardized
SPT test procedure intended to produce N-values for quantitative design.

Need to Use Drilling Mud

In the author’s opinion, as a practical matter the use of rotary drilling
methods with the hole continuously filled with drilling mud to the surface
offers the only present way to assure that the effective stress conditions
in the sampling zone immediately below the borehole remain as little dis-
turbed as possible by the borehole.

Possible Dual-Standard SPT

In recognition of the practical difficulties of suddenly adopting a much
more rigorous standard for the SPT, involving new equipment with un-
familiar dynamic calibration and possibly unfamiliar drilling techniques,
perhaps the profession should again consider a transition period with a
dual standard. Chairman Frank Steiger of the SPT task committee for
ASTM Committee D-18.02 already proposed a dual standard several years
ago.

An SPT performed to say a “Class B’ standard would use a calibrated,
fully mechanized hammer drop system, and use only rotary drilling and
drilling mud. This class would serve for testing in which the engineer
intended to use the N-values for important quantitative design, or for
research and establishing correlations intended for other than local use.
“Class A” SPT work would fall under the continued present standard
and allow the great local variability to accommodate local equipment,
preferences and cotrelations.

Conclusions

1. The profession now has an important new insight into the statics
and dynamics of the standard penetration test. Any full understanding
of the SPT must include stress wave analysis.

2. A properly standardized SPT has a reasonable, already partly demon-
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strated potential for quantitative correlations with a factor of safety against
liquefaction, with the J damping coefficients in pile-driving problems,
and perhaps with high- and low-strain shear wave velocity.

3. The profession needs to establish and enforce an alternative ASTM
Method D 1586 standard that requires a mechanized hammer drop, a cali-
brated energy content in the first compression wave in the rods, and the
use of rotary drilling in a hole kept continuously full with drilling mud.
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ABSTRACT: The effects of testing procedures and material characteristics on the
cyclic triaxial strength of cohesionless soils were reviewed with the intent of categorizing
the significance of these factors for cognizance in future testing standards. It was found
that specimen preparation methods, differences between intact and reconstituted
specimens, density, and prestraining have major effects on cyclic strength. Intermediate
but significant effects influencing cyclic strength are confining stress, loading wave
form, material grain size (D s} and gradation, overconsolidation ratio (OCR), and
consolidation stress ratio (K ;). Other factors having minor effects are freezing intact
specimens, loading frequency, specimen size, and frictionless caps and bases.

Future testing programs or standards should consider these factors and their effects
on test results.

KEY WORDS: cyclic triaxial, liquefaction, test procedures, cohesionless soils, soils

Application of the cyclic triaxial test to liquefaction and dynamic strength
of soils under earthquake loadings had its conception in 1966 when Seed
and Lee [/]? produced, in the laboratory, liquefaction of sand by cyclic
loading. During the past decade the test has steadily increased in usage
as the predominant laboratory test for evaluating earthquake response of
soils. The test has even broadened its utility to where foundation problems
of offshore structures under storm wave action have been evaluated by
cyclic triaxial tests [2,3]. Nevertheless, despite this broad usage, several
limitations of the test have been recognized. Even Seed and Lee [/] realized
that shear stress induced in horizontal ground surfaces could best be modeled
in the laboratory by cyclic simple shear tests, and that the triaxial test was
only an approximate reproduction of these conditions. Later in 1968 [4]
and 1971 [5] Seed and Peacock, realizing that cyclic simple shear strengths

1 Research civil engineer, Soil Mechanics Division, Soils and Pavements Laboratory, U.S.
Army Engineer Waterways Experiment Station, Vicksburg, Miss. 39180.
2The italic numbers in brackets refer to the list of references appended to this paper.
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were about 35 to S0 percent less than comparable cyclic triaxial strengths,
provided “‘correction factors” to more closely align cyclic triaxial strengths
with estimated field response. Another controversy which has arisen in the
literature concerns the definition as to whether “liquefaction” as defined
by Casagrande actually occurs in the cyclic triaxial test or whether a phe-
nomenon entitled “‘cyclic mobility” [6] occurs, which for dilative soils is
merely a redistribution of void ratios within the specimen during cyclic
loading.

The purpose of this paper is not to discuss the applicability of the cyclic
triaxial test, despite the aforementioned limitations; rather, its intent is to
review the literature, including appropriate papers in this volume, and cate-
gorize various factors influencing cyclic triaxial test results and their sig-
nificance for cognizance in future testing standards.

Testing Equipment and Procedures

A recent cooperative testing program by eight laboratories [7], using
both closed-loop electro-servohydraulic and pneumatic loaders to evaluate
the cyclic strength of a ‘“standard” sand, showed that good agreement
could be obtained when proper attention was given to what normally would
be considered as minor details in specimen preparation and testing (see
Fig. 1). These experiences provided a nucleus for performance specifications
[8,9] which contain specific guidance concerning loading equipment, in-
strumentation, triaxial chambers, specimen preparation, and data re-
duction. In addition, required standards regarding loading wave form and
amount of acceptable “‘fall-off upon liquefaction,” triaxial cell design,
alignment criteria, load rod connections, pressure control systems, in-
strumentation requirements and specifications, physical measurement of
specimens, degree of saturation, and data reduction and presentation are
discussed; see Refs & and 9 for this information.

Testing Procedures Affecting Cyclic Triaxial Strength

Specimen Preparation

In 1974, Ladd [10] focused attention on the effects that specimen prep-
aration procedures have on the cyclic triaxial strength of sands. He con-
ducted cyclic triaxial tests on saturated specimens of three different sands
using two methods of specimen preparation, (1) dry vibration and (2) wet
tamping. His results showed that for specimens compacted to the same
density, differences in liquefaction potential up to 100 percent could occur,
with the wet-tamped specimens always being stronger.

The most comprehensive study regarding specimen preparation effects
on cyclic triaxial strength of sands was conducted by Mulilis et al [11], who
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FIG. 1—Summary curve showing stress ratio versus number of cycles to initial liquefaction
for all test results ( from Ref 7).

evaluated 11 different specimen preparation procedures. These results on
isotropically consolidated specimens of Monterey No. 0 sand prepared at
D, = 50 percent are presented in Fig. 2. The weakest specimens were
formed by pluviating sand through air, while the strongest were those
formed by vibrating the soil in a moist condition. The maximum difference
in stress ratio causing initial liquefaction was about 110 percent at 10
cycles. It was also indicated that effects due to specimen preparation
method may be different for different sands.

Elsewhere in this volume, Mulilis et al [12] present data reproduced here
as Fig. 3 which show that specimens of Monterey No. 0 sand prepared
to a relative density of G0 percent by ‘“‘moist tamping” were approximately
S8 percent stronger than comparable specimens prepared by dry rodding.

Mulilis et al [12] also presented results concerning effects using a pro-
cedure of undercompaction during specimen preparation. The concept of
undercompaction recognizes that when compacting a loose specimen in
layers, each successive layer densifies the material beneath it. Hence under-
compaction consists of preparing the initial layers looser than the final
desired density by a certain percentage, with succeeding layers being placed
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denser, or at a lower percent undercompaction; the result hopefully will
be a uniform specimen with respect to density. The percent undercom-
paction used for these tests was 10 percent. It was found that undercom-
pacted specimens were about 10 percent stronger than specimens which
received no variable compaction. These authors [/2] also showed that
changing the diameter of the compaction foot from 0.95 cm (3/8 in.) that
is, rodding) to 3.56 cm (1.4 in.) or half the specimen diameter (that is,
tamping) or that varying the molding water content from 12.8 percent to 8
percent produced practically no significant effect on cyclic strength.

These results concerning specimen preparation effects on cyclic strength
of sands obviously indicate that method of preparation imparts to specimens
a different structure (fabric) [13] or K , values or both.



360 DYNAMIC GEOTECHNICAL TESTING

05 - T
B v 80 by, = S5 PCF, D, - 6128)
® = 128% (,, = 939 PCF, D, = 59.5%)
04
o !
a8
> s
303 . Moisy
g R000 g
'3 \
2
[
-4
E 02 B o |_DRY_RODDING—
© *
o
Ee]
01
1 3 10 ) 10

NUMBER OF CYCLES
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Effects of Reconstitution Versus Intact Specimens

Because of the aforementioned large effects of specimen preparation,
a dilemma exists as what error is introduced in results due to reconstituting
specimens. Obviously, testing undisturbed specimens would circumvent
these specimen preparation effects, inasmuch as structure, K, stresses,
density, and stress history would represent field conditions. Unfortunately,
it is impossible to obtain a truly ‘“undisturbed’’ specimen as sampling and
specimen preparation procedures reduce the in situ total stresses to an
isotropic state with possible specimen disturbance. Nevertheless, for labo-
ratory tests a specimen could be considered undisturbed for practical pur-
poses, provided sampling and specimen preparation did not alter the soil
structure, void ratio, or water content [/4]. In this context, comparisons
between intact, relatively undisturbed and reconstituted specimens should
provide some estimate (correction factor) for evaluating field strengths.

In 1976, Marcuson and Townsend [15] reported that isotropically con-
solidated undisturbed specimens from Fort Peck Dam were approximately
70 to 80 percent more stable than specimens of the same material recon-
stituted to the same density using a *“‘dry rodding” specimen preparation
procedure. They also reported that five other laboratories observed that
reconstituted specimens generally gave lower strengths than undisturbed
specimens.

In 1977, Mulilis et al [11] tabulated for various soils the effects of recon-
stitution, which are reproduced as Table 1. This table shows that the ratio
of undisturbed to reconstituted strengths varies from 1.0 to 2.0, that is, no
effect due to reconstitution to a 100 percent strength loss depending upon
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the method of reconstitution and site. By comparing these results with
those in Fig. 2, they noted that the moist-tamping specimen preparation
gave the highest cyclic strength, and hence would require the least amount
of correction for estimating undisturbed strengths.

Silver and Ishihara [16] recently compared the cyclic strength of recon-
stituted specimens of Niigata sand prepared by pluviation through water
followed by light tapping to achieve comparable densities of undisturbed
specimens that, after drainage, had been frozen at the site in their sampling
tube and transported to the laboratory. These test results showed that the
ratio of undisturbed to reconstituted strengths ranged from 1.14 to 1.22.
Since Mulilis et al [17] had shown that other specimen preparation techniques
could provide higher strengths, Silver and Ishihara compared cyclic strengths
by various preparation procedures with that by pluviation through water,
and concluded that moist rodding should have closely approximated un-
disturbed strengths. Examination of Table 1, however, shows that in most
cases undisturbed strengths are higher than those reconstituted by moist
tamping. This fact, plus data in Fig. 2 showing that moist tamping gave
the highest strength for different methods of preparation, would indicate
that for some sites current specimen reconstitution procedures cannot du-
plicate field strengths.

In their paper elsewhere in this volume, Ishihara et al [/7] compared
the undisturbed cyclic strengths of alluvial deposits in Toyoko with re-
constituted specimens prepared by pluviation through water. These com-
parisons, presented in Fig. 4, show that undisturbed specimens on an
average were 15 percent stronger than comparable density-reconstituted
specimens.

Effects of Freezing Intact Specimens

One method of preserving the fabric of clean sands during transportation
and storage is freezing. The method of course is restricted to free-draining
clean sands where pockets of water could not occur and form ice lenses
during freezing, and assumes a priori that freezing does not affect cyclic
strength. Walberg [18] recently examined freezing effects on cyclic strength
of undisturbed and reconstituted sand specimens. In his investigations,
2.8-in.-diameter (71 mm) pairs of undisturbed specimens were prepared
by hand trimming at a dewatered site; one specimen was frozen using dry
ice, while the other was carefully protected during transportation to the
laboratory. Measurements indicated that no change in length of specimens
occurred during freezing or transportation. Although some differences in
relative density values existed between frozen and nonfrozen specimens
(possibly due to nonuniformities of the deposit or problems in determining
relative density), Walberg’s results indicated that freezing had practically
no effect on cyclic strength.
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FIG. 4—Comparison of cyclic strength of intact specimens with that of overconsolidated
specimens (from Ref 17).

In another more closely controlled test series, specimens of Monterey
No. 0 sand were prepared to 50 and 60 percent relative density by moist
tamping, frozen, and the cyclic strengths compared with those of Mulilis
et al [11] and Silver et al [7], respectively. Figure 5 presents these results
and indicates that freezing has insignificant effects on the cyclic strength
of clean, drained sands.

Effect of Confining Stress (o3)

In their initial publication, Seed and Lee [1] reported that the number
of cycles required for liquefaction increased as confining pressure also
increased for specimens prepared such that they had the same void ratio
after consolidation. This result was of special interest as it is completely
the reverse of that which might be anticipated from static test results. Since
critical void ratio is not a constant but decreases as confining pressure
increases, it could be assumed that under a higher confining pressure a
saturated sand would exhibit compressional characteristics and would be
less stable than under low confining pressures, which produce dilatant
responses.

Finn et al [19] examined data from previous triaxial tests by Lee and
Seed [20] and observed that the relationship between cyclic shear stress
required to cause initial liquefaction in a specific number of cycles and
effective confining pressure was linear for any given void ratio. Hence,
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initial liquefaction will always be achieved in the same number of cycles for
a given void ratio if the tests are conducted at the same initial effective
stress ratio, R = o4/20.. This finding led to the present data presentation
of cyclic stress ratio, o 4./20 . versus number of cycles.

Conversely, Mulilis [27] presents data, Fig. 6, which show that the stress
ratio decreases with increasing confining pressure. The magnitude of stress
ratio decrease ranged from 0.004 to 0.0007 per psi increase in confining
pressure, depending upon the method of specimen preparation. Similar
data [22] shown in Fig. 7 show that, based upon relative density, the mag-
nitude of stress ratio decrease for initial liquefaction in 10 cycles is 0.0035
and 0.0012 per psi increase in confining pressure for 60 and 40 percent
relative density, respectively.

Castro and Poulos [6] also show that stress ratio decreases with increasing
confining pressure for various relative densities and soil types.

These data demonstrate that cyclic stress ratio decreases with increasing
confining pressure and that the magnitude of this decrease is dependent
upon relative density, soil type, and specimen preparation procedure [23].
Nevertheless, as pointed out by Lee and Focht [2], for practical purposes
within small ranges of pressure, cyclic strength is directly proportional to
effective confining pressure.
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FIG. 6—Cyclic stress ratio at 10 Hz for initial liquefaction versus initial effective confining
stress (from Ref 21).
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Effect of Loading Wave Form

In 1968, Lee and Fitton [24] found that peaked (triangular) loading
wave forms gave somewhat higher strengths than rectangular loading wave
forms. For sands, this effect was approximately 10 percent, while for silts
a S percent effect was noted. Seed and Chan [25] and Thiers [26], in in-
vestigations on loading wave effects on undisturbed sensitive clays, found
that peaked (triangular) loading wave shapes gave S to 20 percent higher
strengths than would be obtained under rectangular loading. Similarly,
Silver et al [7] showed that rectangular loadings with fast rise times caused
stress waves in the specimen and corresponding “‘ringing” in the pore
pressure traces, resulting in cyclic strengths 15 percent lower than those
tested using sine wave or degraded rectangular loadings. They concluded
that rectangular loading wave forms with fast rise times should not be used
for cyclic triaxial testing.

In their accompanying paper in this volume, Mulilis et al [72] compared
the effects of rectangular, triangular, and sine wave loadings. These results,
Fig. 8, show that the order of increasing strength was rectangular, tri-
angular, and sine, with triangular and sine wave loading strengths being
13 and 30 percent stronger than rectangular loadings, respectively.

These results consistently demonstrate that rectangular loading wave
forms produce cyclic strengths lower than smooth sine wave loading; with
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degraded rectangular or triangular loading wave forms or both having
intermediate strengths.

Common methods of analyses, where stresses induced in the ground by
earthquakes are compared directly with those that cause liquefaction or
excessive deformation in laboratory specimens, require conversion of the
erratic and irregular earthquake stress history into an equivalent uniform
cyclic stress series as imposed on laboratory specimens. This conversion
is required inasmuch as laboratory tests are generally performed using uni-
form loading wave forms. Ishihara and Yasuda [27] and Annaki and Lee
[28] have confirmed the validity of the equivalent uniform cycle concept by
performing cyclic triaxial tests with irregular loading wave forms. Ishihara
and Yasuda found that when the maximum stress of the irregular loading
trace was applied in extension, liquefaction occurred at a lower stress ratio,
O max/ 20., than for loadings with the maximum stress applied in com-
pression. Similarly, Annaki and Lee [28] observed that when converting
from irregular to uniform cycles, extension peaks produced about 90 per-
cent of the total damage, because the undrained strength of sand is less in
extension than compression. Because of this asymmetric effect existing in
triaxial tests, good agreement in converting from irregular to uniform
cycles was obtained only when the damaging effects of compression and
extension cycles were considered separately. The authors of both papers
[27,28] indicate that cyclic triaxial tests are limited by asymmetric effects
not found in simple shear or torsional shear equipment.



368 DYNAMIC GEOTECHNICAL TESTING

Effects of Frequency on Cyclic Strength

Lee and Fitton [24], Wong et al [29], Mulilis [21], Wang [30], and Lee
and Focht [2] have evaluated frequency effects over a range of 1 to 60 cpm.
Wang’s experiments were over a range of 60 to 1680 cpm but the load
wave form transitioned from rectangular to rounded triangular at the higher
frequencies. Lee and Fitton and I ee and Focht found that slower loading
frequencies produced slightly (<10 percent) lower strengths. Wong et al
[29], Mulilis [27], and Wang [30] found that slower frequencies gave slightly
higher strengths (approximately 10 percent). Although this is conflicting,
it can be safely concluded that frequency effects have only a minor (<10
percent) effect on cyclic strength of cohesionless soils.

An interesting sidelight of Wang’s experiment was the effect of confining
medium on frequency effects. When water was used as a confining medium,
both loose and dense specimens failed prematurely at a cyclic loading fre-
quency of 300 cpm due to a secondary resonant effect, but this effect dis-
appeared when air was substituted as the confining medium.

Effect of Specimen Size

Lee and Fitton [24] and Wang [30] compared the effects of size on 35.6-
and 71.1-mm (1.4 and 2.8 in.) diameter specimens and found that it has
very little effect. Wong et al compared the effects of size on 70- and 300-mm
(2.8 and 12 in.) diameter specimens with similar height-to-diameter ratios.
Their results, Fig. 9, show that the 300-mm (12 in.) diameter specimen
is approximately 10 percent weaker than the 71-mm (2.8 in.) diameter
specimen.

Wang [30] compared the effects of height-to-diameter ratios of 1.0 to
2.3; however, these tests were conducted using full-friction stones. As might
be anticipated, the specimens with a height-to-diameter ratio of 1.0 were
approximately 20 to 50 percent stronger than the standard specimens.

Effect of Frictionless Caps and Bases

When using frictionless end platens, a slower rate of load application
will be required in cyclic tests in order to allow the grease used to reduce
friction to function. In this context, Mulilis [2] conducted cyclic triaxial
tests at 1 cpm on Monterey No. 0 sand. His results, Fig. 10, show that
frictionless end platens had about the same strength as full-friction end
caps. Wang [30] conducted tests at a frequency of 2 Hz comparing “‘very
rough” and ‘“‘smooth” end platens. Since testing was at 2 Hz, no grease
was used, rather trends were examined. His data showed that cyclic strength
was insensitive to cap and base roughness, with smooth-end platens being
approximately 5 percent stronger.
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Lee [31] compared cyclic strengths of loose and dense specimens with
full-friction caps and bases tested at 2 Hz with loose and dense specimens
with frictionless caps and bases tested at 1 and 0.05 Hz. The loading wave
form for tests at 2 Hz was rectangular, while those for 1 and 0.05 Hz were
rounded rectangular and triangular, respectively. Disregarding frequency
and wave-form differences which may have made significant contributions,
these results showed that frictionless caps and bases were 25 and 58 per-
cent stronger, respectively, for loose and dense specimens tested using full-
friction end platens.

Factors Affecting Cyclic Triaxial Strength

Effects of Relative Density

The effect of relative density on cyclic strength was recognized early in
the history of cyclic tests. In 1967, Lee and Seed [20] reported that cyclic
stress required to cause initial liquefaction increased linearly to approxi-
mately 60 percent relative density. At relative densities below 50 percent,
complete liquefaction occurred almost simultaneously, and relative densities
above 70 percent were required for safety against large strains. Seed and
Idriss [32] used this linear relationship to correct-densities to 50 percent
relative density, whereby

O Ao 4 D,
—(D,) = D, = 50%
Zac( ) 20, ¢ 0 o)Drso%

Mulilis [21] also shows that stress ratio to cause liquefaction in 10 cycles
is linear with relative density to approximately 70 percent D ,. The data [22]
presented in Fig. 11 show that the slope of this linear relationship is a
function of confining pressure. Additional data [23] suggest that this linear
relationship is also a function of failure criteria, and at 20 percent double-
amplitude strain the relationship is linear only to approximately 40 per-
cent D,

Effects of Particle Size and Gradation

Early research by Lee and Fitton [24] compared the effects of particle
size based upon mean grain diameter D5 and found that as grain size
increases, the cyclic strength also increases, with very fine sands having
about half the cyclic strength of gravels. Likewise, data by Wong et al
[29], Fig. 12, summarize the effects of particle size on cyclic strength, and
show a 30 to 60 percent increase in cyclic strength to cause +2.5 percent
and =+ 10 percent strain, respectively, as the mean grain size, D 5, increases
from 0.1 to 30 mm. At the opposite end of the grain size distribution, as
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FIG. 11—Cyclic stress ratio at 10 Hz for initial liquefaction versus relative density ( from
Ref 22).

the mean grain diameter, D sy, continues to decrease to silt and clay sizes,
the cyclic strength rapidly increases. In the Ishihara et al paper elsewhere
in this volume [/7], data showing a 28 percent cyclic strength increase as
D, decreases from 0.1 to 0.01 mm are presented. Hence, materials having
a D 5 of approximately 0.1 mm possess the least resistance to cyclic stresses.

Because testing large particle sizes requires large specimens, modeling
large particle sizes to use smaller test specimens is popular. In Fig. 12, the
12-in.-diameter (304.8 mm) data are for essentially parallel gradations.
However, the results show that the Oroville Dam material [Ds = 28.6 mm
(1.1 in.)] is 30 percent stronger than the Monterey sand [Ds = 3.3 mm
(0.1 in.)]. Hence this technique of modeling cohesionless materials by
parallel gradation, which has been successful for modeling static strengths
[33], is not appropriate for cyclic testing.

Contrary to their expectations, Wong et al [29] found as shown in Fig.
13 that well-graded material was somewhat weaker than uniformly graded
material. This finding was attributed to a greater densification tendency in
well-graded soils, as finer particles move into voids between larger particles,
than occurs in uniformly graded soils. This densification tendency would
be reflected as increased pore pressure rise. In addition, the degree of
membrane compliance for uniform soils would tend to cause higher strengths
than for well-graded soils.
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Effects of Prestraining

Finn et al [34], evaluating the effects of reliquefaction in cyclic triaxial
tests, found that once a specimen has liquefied and reconsolidated to a
denser structure, despite this densification, the specimen is much weaker
to reliquefaction. For example, a specimen liquefied in 26 cycles at a void
ratio of 0.660 was consolidated at a void ratio of 0.626, yet when resub-
jected to the same cyclic stress failed in 1.5 cycles. Conversely, when a
specimen is subjected to small strains during undrained cyclic loading and
stopped prior to liquefaction, consolidated, and undrained cyclic stresses
reapplied, the specimen is considerably more resistant to liquefaction than
can be attributed to the slight densification occurring during consolidation.
This increased resistance to liquefaction due to small shear strains (<0.5
percent for 15 cycles was attributed to structural rearrangement within the
specimen and increased interlocking of particles.

Similar experiences have been reported by Wang [30] and Lee and Focht
[2], where cyclic loading specimens to preliquefaction pore pressures, re-
consolidating, and recyclically loading caused substantially stronger speci-
mens, despite no significant densification occurring during reconsolidation.
The consequences of this strengthening phenomenon due to small shear
strains have been shown [22] to preclude using the same specimen for
small strain properties tests and then using the same specimen to evaluate
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its liquefaction potential. Likewise, a technique of increasing the applied
stress ratio during a test where more cycles than of interest have been
applied to a specimen cannot help to produce meaningful results.

Mori et al [35] investigated the effects of sampling on strain history. Their
tests, Fig. 14, compare the results of (1) specimens with no seismic history
(that is, no prestraining), (2) specimens with some seismic history (pre-
straining) caused by applying several loading cycles, releasing the small
pore pressure resulting from these loading cycles, thus allowing consoli-
dation, and (3) specimens with the same seismic history as (2) applied, but
with the confining pressure then reduced to 3.45 kPa (0.5 psi) to simulate
“perfect sampling” and the initial confining pressure reapplied as shown.
Although the strain history increased the liquefaction resistance, about 35
percent of this resistance was lost as a result of reducing and reapplying
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FIG. 14—Effect of stress reduction on liquefaction characteristics of sand with prior stress
history ( from Ref 35).
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the chamber pressure, thereby suggesting that in situ strengths will also
be reduced by sampling procedures.

Effects of Overconsolidation Ratio and K,

Seed and Peacock [5] presented results of simple shear tests illustrating
that as the overconsolidation ratio (OCR) increased from 1 to 4 and 1 to 8,
the stress ratio, 7/g,, required to cause initial liquefaction in 30 cycles was
75 and 150 percent higher, respectively. Confirmation of these findings was
observed by Lee and Focht [2], who indicated an increase in cyclic stress
ratio of about 30 percent for an OCR of 3 for very dense sand. Likewise,
Ladd [23] observed an increase in cyclic strength of about 20 percent for
an OCR of 2.0. In addition, this increase in cyclic strength with OCR is a
function of the fines content.

In their paper in this volume, Ishihara et al [17] present results, Fig. 15,
which show that cyclic strength increases as OCR and fines content in-
crease. For specimens with no fines, a strength increase of 30 percent was
observed for an increase in QCR from 1.0 to 2.0, while for the same OCR
increase an 80 percent increase in cyclic strength was observed for a speci-
men with 100 percent fines. By comparing the results of reconstituted
specimens formed by pluviation through water and consolided to an OCR
of 2.0 with undisturbed specimens, it was found that the higher strengths
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FIG. 15—Relationship between cyclic strength and fines content in soils (from Ref 17).
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associated with undisturbed specimens could be attributed to a slight over-
consolidation of 2.0

Effects of Consolidation Ratio, K.

Since many soil deposits or soil structures (embankments) do not have
horizontal surfaces, consolidation under anisotropic stress conditions are
required for analyses [36,37]. Typical data from anisotropically consoli-
dated tests presented in Fig. 16 shows that, for a given confining pressure,
the maximum deviator stress required to cause a critical strain for a speci-
fied number of cycles increases with the K. ratio. In their early investi-
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(b) 5 cycles for hydraulic sand fill ( from Ref 36).



TOWNSEND ON CYCLIC TRIAXIAL TESTS 377

UPPER AND LOWER
DAMS, K, = 1.0

=
o
1

UPPER AND LOWER
DANS, K, = 2.0

=
= 2
S £
8 o
E g
R
e &
5w UPPER AND LOWER
- =
o3 DAMS, K. = 1.5
P}
2 O UPPER DAM
- © LOWER DAM
0 { | 1 1 J
0 1 2 3 [} 5
NORMAL STRESS ON FAILURE PLANE AFTER CONSOLIDATION o, , KG/CM?
a.

%ic = INITIAL SHEAR STRESS ON POTENTIAL
FAILURE SURFACE

oy, = INITIAL NORMAL STRESS ON POTENTIAL
FAILURE SURFACE

=T [0+ ) - (K - 1 SN 9]

a=n/oy

4 = CYCLIC SHEAR STRESS DEVELOPED ON

.
T POTENTIAL FAILURE SURFACE
08 &
=|:’Iu - oy (K- lﬂ T
el — MAXIMUM APPLIED
L5 CYCLIC STRESS
¢ e c I
P
UPPER DA, K, = 2.0
10 L LOMER DAM, K, = 20

LOWER DAM, K_ = 1.5

UPPER DAM, K_ = 1.5

CYCLIC SHEAR STRESS ON
FAILURE PLANE 74yc . KG/CM?

05 = UPPER DAM, K, - 1.0
LOMER DAM, K, = 1.0
0 1 1 i | |
0 1 2 3 ' 5
NORMAL STRESS ON FAILURE PLANE AFTER CONSOLIDATION O , KG/CM2

c

b.

FIG. 17—Cyclic shear stresses on 60-deg failure plane causing liquefaction and 5 percent
strain in (a) 2 cycles, (b) 5 cycles for hydraulic sand fill from San Fernando Dams (data from
Ref 36).



378 DYNAMIC GEOTECHNICAL TESTING

(6¢ ‘0t *#2)
log]

1M 9,01 AjPrew
-1xoxdde eyp wiw go¢ a8uex syy) 0} 3103h2 ou

ZH S Je S}[nsal Paye Aew Iajem
%07 st
Page ‘wdd g9 03 T Jo aduex 1o ‘syiduans

suawioads eip-wnu
-00¢ pue -0/ Jo syifuans yis paredwoo
suaund3ds vIp-, unu-0/ pue -9°ge Jo sypduans
spayya Lsuanbayy Sunyengeas
JIym erpaw SuUyuod se PIsn e pue Idjem
pUes 300 10} PAJEN]LAd WIAD ()9 03 G 3O 07
0} 1 ‘sa8uea jeordL} ‘spues snouea yo wdd>

a71s wawspdadg

{og ‘12 ‘T '6¢ vZ) Y4By ApyByis aaey sauanbaly Swpeo] Jamofs (897 0 T Jo a3uel pauIquIod M SIBAnbaYy Louanbaag
nojssarduiod 1daoucd
uey) 2J0W UOISUAAX? Aq pIIIPe [erxe a[o4> juareamnba Bunenjesd sauI0ISIY SSINS
92 ‘£z] -1o o1& ‘piyea yoeordde apdhs> juseambs  ayenbyues Supemuns sunoj asem repnain
semBuepas uey;
18uons o,0¢ APyeumxordde osem duig sadeys Suipeoy
‘auis ‘renSuein Jo yemSueidas papeidap oaem auis pue ‘Je[nduew) ‘IejnSuedax
(21 £ ‘9z-p2] ‘¥emSueipas :syiSussis Bursvalduwr jo Iepio  papunod ‘yemfuear Jwisn pajonpuocds 5153y uLio} aaem Burproy
€0 uy aseaIOUy
1sd Jad $00°0 03 L0000 danssaid Suyuyuod
(9 ‘ez ‘I7] Buiseardom (au sASLAIISP oyed SsAMS YL
ssans Suruyuod o} yeuonuodord Apodamp st spues Jo )allea UO SIS
[267 ‘1] y1Buans oyphs ‘saanssaid jo aSuerjrews onp  Supuyuod Jo LapeA € je PaONPUOd §IS9) €0 ‘ssaxys Smpuyyuc)
sudwipads uszosjun ynm paredwod pue
£3oreroqe] W wezoy) sumaundAds pImIS
Sm -H0531 ‘UONIPUCO USZOLJUN pUB USZOIJ
(9] -zo913 03 anp ‘monyewres Supso) P P93I ou  wr KJojeroqer 0} papodsuen) suawndads JowIUl suaurpoads pejur SuEsdsy
pasn uonNYsuod
-a1 Joj sanbruyoey uonjeredssd wowods
poyzau sony pue spues jo falreA y “¥jUl Se suonip
-NIST0da3 pue [epdjewr vodn Surpuadep -U0d JUIES JIPUN PIISI)al pue LJSUIP awres
%007 01 ( woyj 3Fues sosea1ep PJuang 0} PIINIISUCI2I puUe PIPJOWaT Uay} ‘pajsay
[¢1 *97 ‘17 *57] "paIMIpsucoar vey) Jo8uoxs susunsads eywr  suswads (paqimsipun A[Ane[ad) | oeIul,,  JOBIUL SISIAA PABSTOIRY
94,011 3q e 3IN|IE] 10 OI)E1 SSANS *SJIOS J31R0 pue ¢
ur 20U uoRpuod Istow w Superq %05 ‘PuEs () ‘ON £313}U0py ‘TONIPUOD ISIOW
-1A £q paunoy 1s33uol)s Iy ‘dre y3noy 10 L1ip up Smdwe) lo ‘uoneIqua ‘iem Io
[zr-p7] wopennid £q peuuo} suowpads jsayeam e ySnoay uonennid £q pauwo} suaurpads gonyexedaad wowpadg
pues
pamojio} 0 "ON £a1ojuopy 'SUONIPUOCD pUE SANP3Id
saanpadcord Jumsa) 0y OUIIYPE 19INS PIPLA -03d 8upsa) paygpads Juimofjoy saLiojexoqe; joaurdinbo
[9°/] -oid sonojeloqe] Hoamiaq Jusuiasife Juofeoxs JUAIdIp ySe Aq payss)  pues pirepuels,, pue Kioyesoqe| Sunsag
301nog (nsay) W2y s[edaley pue suopipuo) 3unsay Jo 1ayg dqqene)

*SJ108 $5aUO0ISIY0D Jo Y1ZUaIs (o1xvLY 21oAD Bundaffv sioonf fo Livwwng—7 F19VY.L



379

TOWNSEND ON CYCLIC TRIAXIAL TESTS

Up00 = W,

[9¢l

[s]

[se ‘2z ‘o€ ‘T ‘pE]

[#€]

621

ez ‘L1 ‘6z ‘¥l

lez ‘17 ‘z€ ‘oc}

(1€ ‘o€ ‘12)

SI[NSaI JAPEAIISTOD IPIA
-01d sfemfe jou Aew uopepyosuod sidoxos
popustwooal ¥o snsiaa 1 ‘suoisnp
-uod seoudnpjur ejep Bupussaid jo poyjowr
€ g uaA18 10 o1’ Y YHM SISLIIOUY
ainrey Joj pannbax ssaxs J0jeIAsp wnwxeWw
A0 W3Yye saul Jo Junowy
*soulj jo-junowe uodn Sugpuadap o408 03
0¢ syiBuaxs o1dAd pasealdur 7 01 T Jo YOO
A[aandadsaz
‘04,0CT PuE G/ sones ssaxs Jeoys adus
J1PAD> paseasdul g 0} T pue ¢ 0} [ Jo SAD0

y18uans d5poh> sudypduans Apjeard Supdhdard
usunoads Joyeom

Aiqezapisuod sasne>  uonoeyenby  ‘uon

-epIjosu0d 0} anp ANsudp ur asealour Nidsap

[eldjew papeid
ATwiIoJiun UBY} JOYEIM JBYMIWIOS PIPEIS-[lam
PaAIasqo yiSualys
aseadu pides ‘sazis Lejd> pue J[Is 0} ww
1°0 WOIJ SaseardIP 0S (7 Se {PIAIISQO ISEIIO
-ul @8uaxs 9,09 € ‘ww (¢ o} 1°) woxy
sasealoul 05 (7 sy "Suipeo] ookd> 03 sduey
-SISAX JSeI[ aAey W [°Q = 05 (7 dAey spues
ujex)s ainjiej pue ‘aanssaad
Sumuguoo ‘ouqej ‘adf} [los uo juspuad
-ap sI ado[s Inq “@q %09 A[prewxoidde 0y
KJISUSP 2A1B[3I PUE OTJBI SSANIS DY[IAD UIIM)
-aq diysuones Jesury “Aysusp Sursean
-u1 yim A[esrjewelp sasealdur yiduans orpld

saseq pue sded
SSI[UONDLI} pue UONOLIY [[N) UAAMIAQ 1313 oU

sassaxys dI[oA> Buissaaaruou pue Suisioaal 0}
pawofqns pue sassails Suroyuod Jo Kdurea
J0j Ajresidonjosiue pajepyjosuod  sudswdads

sassaxs Supsay

J2MO[ 0} PIPUNOQaX pue sassans 1Yy o)
Sunjeprjosuoo Aq pajepIjosu0dIdA0 sUIWdS

K[o1[9£> papeoy

-1 pue ‘pajepiosuodal ‘asuodsaz anssaid
azod 9,08 01 o5 0 pawrensaid suawdads

Ppeoy Jp&d> feuiduo

awres 8uif[dde £q payonbijaz pue pajepijos
00231 ‘Suipeo] oIPA> £q payonby suswidads

azZIs0S 7

awes Suaey yoq [ewdjew papesd A[uiioj
-un yum  patedwod [eusjew papeid-[jom

057 ‘aa3awerp ureld uesw jo
siseq uo paredwod suonipuod Sunsa) dqe
-xedwod e s[ros Juaraiip Jo syiSuayys o1ohd>

suoip

-uo0> Sunisa) pue ssaxs Jo adues apm Joso
S[IOS SSO[UOISAY0D JO KJOLIBA UO PAOINPUOD 353}

uolduny 0} 358318 MO[[E 0}

y3noud mo[s sapouanbayy je saseq pue sded
SSA[UOLIOLI} PUE UOUIOLY YA P3Isd} suaurdads

2 3 onjeJ UOKEPIOSTO))

(400)

O[}%1 UONEPI[OSTOIIAAQ)

Suurensaig

uonjepead pue azis IpIeg

Aysuap aae[ay

saseq pue sded> SSO[uONOWJ



380 DYNAMIC GEOTECHNICAL TESTING

gations, Lee and Seed [38] found that this increase was a function of initial
confining pressure, and density.

Castro and Poulos [6], however, point out that intuitively the opposite
effect, that is, cyclic strength for a critical strain in a specified number of
cycles, should decrease with increasing K ., as at higher X ratios the speci-
men is initially nearer failure. Furthermore, the data indicating that cyclic
strength increases with K, ratio suggest an unreasonable conclusion that
steeper slopes are safer against earthquake loadings.

Lee and Seed [38] also observed in anisotropically consolidated tests
that in cases where 04/203 < (K. — 1)/2, that is, where no stress reversal
occurs and the net axial stress is always the major principal stress, initial
liquefaction did not occur; rather, only progressive deformation occurred
with increasing cycles to a limiting strain. Conversely, in comparable tests
where stress reversal did occur, that is, where ¢4./20: > (K - 1)/2,
initial liquefaction and associated strains were observed. For the data pre-
sented in Fig. 16, all points were for stress reversal conditions, but for 5
percent strain in 5 cycles the distance between reversal and nonreversal is
less. From these considerations, it is obvious that, as the K. ratio increases,
so must the cyclic deviator stress, g4, and the maximum deviator stress
in order to achieve stress reversal for a given ¢ .

In his paper in this volume, Haimson [39] conducted cyclic triaxial tests
to determine the fatigue strength of rocks. In comparing cyclic uniaxial
tension or cyclic uniaxial compression with cyclic tension-compression
loadings, that is, stress reversal loadings, he found that the most damaging
cyclic loading was also that of stress reversal.

Considering that analyses involving anisotropic consolidation compare
laboratory strengths on potential failure planes, 45 + 9/2, and that aniso-
tropic consolidation increases the normal stress on the failure plane (which
also increases the cyclic shear stress), a more appropriate presentation of
the data is made in Fig. 17. In this case, 7-cyclic is the cyclic shear stress
on the potential failure plane while ox is the normal stress on this plane
during consolidation. These results replotted in this fashion show that in
some cases isotropic consolidation will provide conservative estimates, while
in other cases anisotropic consolidation will provide a lower shear strength;
that is, r-cyclic required for 5 percent strain is greater for anisotropically
consolidated specimens than for isotropically consolidated specimens, and
vice versa. '

Summary and Conclusions

The effects of these various testing and material factors on the cyclic
triaxial strength of cohesionless soils and their relative magnitudes are
summarized in Table 2.

Specimen preparation methods, differences between intact and recon-
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stituted specimens, density, and prestraining have the greatest relative
effect on cyclic strength. In addition, confining stress, loading wave form,
material grain size (Ds) and gradation, OCR, and consolidation stress
ratio (K.) have noticeable but less significant effects. Apparently, various
testing equipment and laboratories can repeat results, provided careful
attention is given minor details. The effects of freezing, loading frequency,
specimen size, and frictionless caps and bases have relatively minor effects
on cyclic triaxial strengths.

Based upon these considerations, it is obvious that any ASTM testing
procedures or test programs should include these factors and their effects
on test results.
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Resonant-Column Testing—
Problems and Solutions

REFERENCE: Drnevich, V. P., “Resonant Column Testing—Problems and Solutions,”
Dynamic Geotechnical Testing, ASTM STP 654, American Society for Testing and
Materials, 1978, pp. 384-398.

ABSTRACT: The resonant-column test is a relatively nondestructive test employing
wave propagation in cylindrical specimens of soil and rock. Test results are usually
quite accurate, but in some cases insufficient coupling exists between specimen and
apparatus or specimens are too stiff for a given apparatus, or both. A criterion is
given to evaluate whether a coupling problem exists and solutions are suggested.
Procedures for evaluating limiting specimen stiffness and maximum strain ampli-
tude capabilities are given. Solutions for reducing air migration problems during
long-term tests are presented. Finally, a simple method for estimating strain ampli-
tudes during a test is demonstrated for both shear and axial compression.

KEY WORDS: air migration, confining media, coupling, data reduction, laboratory
testing, limits of apparatus, resonant column, rock, shear stress, shear tests, soils, soil
dynamics, specimen stiffness, strain, test apparatus, testing techniques, triaxial test

The resonant-column test method determines modulus and damping in
soils by means of propagating waves in a cylindrical soil specimen (column).
If a sinusoidal torque is applied to the specimen, shear waves are propa-
gated, and if a sinusoidal axial compression is applied, compressional
waves are propagated. (Compressional waves in the cylindrical soil speci-
men are different from compressional waves in situ and hence the term
rod wave is sometimes used to distinguish between the two.) In the test,
the frequency of the applied torque (or force) is adjusted until resonance
occurs. This frequency plus the magnitude of applied torque (or force)
and the magnitude of the resulting motion are used to calculate the modulus,
damping, and strain amplitude. Details of these procedures are provided
by Drnevich et al [7].2 When torsion is applied, shear modulus and shear
damping are obtained as functions of shear strain amplitudes. When axial

I'Professor of civil engineering, University of Kentucky, Lexington, Ky. 40502.
2The italic numbers in brackets refer to the list of references appended in this paper.
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compression is applied, Young’s modulus and damping due to rod com-
pression are obtained as functions of axial strain amplitudes.

Resonant-column tests can give very accurate test results for strain ampli-
tudes as low as 0.0001 percent. The upper limit of strain amplitude can be
as high as 0.1 percent or even 1.0 percent.

As with inost tests, inaccurate results can be obtained when (1) improperly
calibrated equipment is used, (2) the limits of the equipment are exceeded,
(3) poor test procedures are used, (4) samples are poor, or (5) the imposed
confining stresses are not appropriate. Most of the aforementioned items
are addressed by Drnevich et al [I]. However, another source of inaccuracy,
dealing with coupling between the specimen and end platens for torsion,
is discussed and specific recommendations are presented for solving this
problem. Another topic, concerned with the maximum stiffness of speci-
mens to be tested in a given apparatus, has not been previously covered
and is done so herein.

In recent years, attention has been drawn to the fact that “time effects”
can help account for the difference between moduli obtained in the labora-
tory and results obtained in the field. In order to determine the magnitude
of time effects, longer-term laboratory tests (on the order of several days
or more) must be performed, and associated with the longer time is the
problem of air migration through the confining medium and membrane
into the specimen pore space. Means of reducing air migration problems
are also presented herein.

Finally, two other ‘‘problems’” are discussed. They relate to improving
test procedures. The first is a method to estimate the maximum strain
amplitude capability of a given device considering specimen characteristics,
and the second is a systematic and simplified procedure for quickly deter-
mining the strain amplitude from transducer output readings and system
frequencies.

Coupling Between Platens and Specimen for Torsional Motion

For stiff soil specimens, frozen soils, weathered rock, and rock cores,
the possibility exists that complete coupling will not exist between the
specimen and end platens. Since coupling is a function of the coefficient
of friction and the applied shear stress, it is most likely that complete
coupling will exist at ultralow shear-strain amplitudes. However, as shear-
strain amplitudes increase, shear stresses increase and incomplete coupling
can possibly occur. During the operation of a test, it is nearly impossible
to tell that the slipping between platens and specimens is occurring. The
effect of slipping is to give lower shear modulus and higher damping than
actually exists at a given shear-strair amplitude.

The problem can be handled quite simply. First of all, complete coupling
can be assumed to exist if the generated shear stress is less than the co-
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efficient of friction multiplied by the effective normal contact stress. From
the Naval Facilities Engineering Command manual, (NAVFAC) [2], the
minimum coefficient of friction given between soils (including rock) and
other materials is 0.2. Consequently, in a given test where no special pre-
cautions are taken, if the mobilized shear stress is less than 0.2 times the
effective normal contact stress, complete coupling can be assumed to
exist. For convenience, the following equation may be used to establish
that complete coupling exists

vG/a,' < 0.2 §))
where
v = shear strain amplitude,
G = shear modulus, and
0," = effective axial stress applied by platen to the specimen.

For cases where Eq 1 is not satisfied, special top and bottom platens are
required. When testing soils, the use of porous disks (stones, bronze, or
stainless steel) with embedded razorblade vanes protruding approximately
1.5 mm (0.06 in.) is usually sufficient to ensure complete coupling (see
Fig. 1). By use of these vanes, the maximum shear stress is increased to
the shear strength of the soil. They may also cause some very minor distur-
bances to the soil in the immediate vicinity of the platens. However, no
corrections are recommended to account for this. (When the porous disks
are used, the disks themselves must be securely fastened to the platens
by means of epoxies, machine screws, or both.)

When very stiff specimens are to be tested (so stiff that the razorblade
vanes cannot easily penetrate the specimen), adhesives or cements must be
used to bond the platens to the specimen. A variety of quick-setting com-
pounds can be used which range from epoxy to patching or capping com-
pounds, or both. It is important that these compounds do not physically
affect the specimen or the membranes enclosing the specimen. For example,
dry specimens or those with low degrees of saturation may absorb moisture
from compounds that are mixed with water. This is a problem if the speci-
men is not going to be saturated prior to testing. On the other hand,
compounds and epoxies that make use of solvents may attack membranes,
causing leaks to occur. Some experimentation with a given compound may
be necessary before it is put into general use.

Upper Limit of Specimen Stiffness for a Given Apparatus

Two criteria are used to establish the upper limit of specimen stiffness
that can be allowed in a given apparatus. The first is that the specimen
modulus should be less than ten percent of the modulus of the material
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FIG. 1—End platen with razorblade vanes.

from which the apparatus is constructed. The second is that the- assumed
boundary conditions must hold. The rationale for the first criterion is
that if both the apparatus and the specimen had neatly the same moduli,
then the platens and other portions of the apparatus would deform during
testing and measurements made would not accurately represent soil proper-
ties. It can be shown that the error in modulus is proportional to the ratio
of moduli. For example, if the combined length of both end platens were
equal to the length of the specimen and if the modulus of the specimen
were 10 percent of the modulus of the platen material, the measured
modulus would be approximately ten percent low.
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The second criterion is particularly applicable to those apparatuses that
assume that one end of the specimen is rigidly fixed such as the popular
Hardin and Drnevich devices. If, in reality, the “fixed”’ end deforms during
a test, the modulus results will be lower than actually exist in the specimen
because the effective length is longer. To prevent this, the overall stiffness
of the fixed end should be ten times greater than the stiffness of the stiffest
specimen to be tested. In order to achieve this stiffness, it is important
that the fixed-end platen be attached to a relatively stiff and massive por-
tion of the apparatus and that the apparatus be firmly anchored to a large
mass.

If the stiffness of the specimen exceeds the limiting criterion, the size of
the specimen can be modified to give a lower stiffness. Specimen stiffness
in torsion is given bv

Ktorsion = nd* G/(32L) (2)

where

d = specimen diameter,
G = shear modulus, and
L = specimen length.

For axial compression, the specimen stiffness is given by
Kaxial compression — d? E/(4L) (3)

where E is Young’s modulus.

Note that for both cases the stiffness is strongly influenced by the speci-
men diameter and length. Thus, to reduce specimen stiffness for a given
soil or rock, the ratio of d/L must be decreased by either decreasing the
diameter or increasing the length, or doing both.

The recommended upper limit of specimen stiffness for the Drnevich
fixed-free apparatus for the case of torsion is 12 000 N - m/rad (100 000
Ib-in./rad). Since resonant frequency and stiffness of specimen are directly
related, the specimen stiffness will be less than the foregoing recommended
value when the operating, first-mode resonant frequency of the system
is given by

fo < VQRm)NKL/T, “4)

where
K; = recommended upper limit of specimen torsional stiffness, and
Jo = polar mass moment of inertia of portion of apparatus connected

to free end of specimen.
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For the case of longitudinal motion (rod compression wave propagation)
in the Drnevich device, the recommended upper limit of specimen stiff-
ness is 4.5 MN/m (25 000 1b/in.). Likewise, the specimen stiffness is less
than the recommended upper limit when the first-mode system resonant
frequency is given by

fo < 1/Qm)NK, /M. &)
where
K; = recommended upper limit of specimen axial stiffness, and
M, = mass of equipment attached to the free end of specimen.

For the Hardin apparatus [3], where the specimen boundary conditions
are commonly referred to as fixed base-spring top, the recommended upper
limit of specimen shear stiffness, K1, is 3000 N - m/rad (27 000 Ib - in./rad).
Because this type of apparatus has a spring connected to the top platen,
the spring gives the value of the apparatus spring constant, K.y, and it,
combined with the polar mass moment of inertia of the portion of the
apparatus connected to the top of the specimen, gives the apparatus fre-
quency, fupp. For this apparatus, the recommended upper limit of specimen
stiffness is not exceeded when the system resonant frequency is given by

Jo <fap V1 + K1/ Ky (6)

A third type of apparatus, where one platen is restrained by a spring and
the other is free of restraints, is also commonly used. The driving force
(or torque) is applied to the end of the specimen that is restrained by the
spring. For the apparatus developed at the University of Kentucky, the
recommended maximum specimen torsional stiffness, K, is 2 MN - m/rad
(2 x 107 Ib- in./rad). This recommended limit is not exceeded when the
system resonant frequency is given by

fo < 1/Qm) VK, /T, @)

where J, is the polar mass moment of inertia of the portion of the apparatus
attached to the free end of the specimen (nondriven end).

Equations 4 and 6 are based on the assumption that the system behavior
can be approximated by a single-degree-of-freedom system. This approxi-
mation is relatively good when the ratio of apparatus inertia (of the platen
where force or torque input occurs) to specimen inertia is greater than
ten. For apparatus listed in the foregoing, this is practically always the
case unless larger than usual [36 or S0 mm (1.4 or 2.0 in.) diameter] speci-
mens are being tested.

The upper limit values of specimen stiffnesses given herein are the best-
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estimate values given by the author in 1977 for (and only for) the apparatus
listed. They are based on results of tests with metal calibrating rods of
various stiffnesses and on experience from testing a wide variety of soil
types and specimen sizes. Modifications in the design of an apparatus
could significantly change these values.

Air Migration Through Membrane

It has been shown that wave propagation velocities in soils continue to
increase after primary compression is complete, and further that this in-
crease is proportional to the log-of-time in secondary compression [4-8].
In order to adjust laboratory-obtained velocity data to field conditions,
it is important to determine this increase of velocity for at least one log-of-
time cycle in secondary compression after the end of primary consolida-
tion. This means that tests must last several days or more, and in the case
of staged pressure testing where the specimen is reconsolidated to different
confining stresses, the test duration could last a week or more.

In practically all approaches, the confining stress is applied by regulated
compressed air, and an air-water interface exists either within or outside
the pressure chamber. Consequently, with long durations of time, air mi-
grates through the water and through the membrane(s) into the specimen
pore space, causing a reduced degree of saturation. The reduced degree of
saturation may affect modulus and damping values, particularly in clays.

Several techniques are useful in reducing this migration. The use of a
coating of vacuum grease on the exterior of the membrane is helpful. A
second membrane, also coated with vacuum grease and placed over the first,
is even more beneficial. The confining medium, if it is water, should be
de-aired by boiling or vacuuming or both. Other confining media such as
mineral oil and silicone oil, which are less permeable to air, may also be
effectively used. Glycerin is more permeable than water and should not
be used. Marcuson and Wabhls [9] report that mercury can be very effective
and that it does not significantly affect test results. When mercury is used,
a special low-volume container adjacent to the specimen is used so that
large quantities of mercury are not needed. It should be pointed out that
mercury vapors are deadly poisonous and that special safety precautions
are necessary when using it. The special low-volume container adjacent
to the specimen would also be beneficial for use with the other suggested
confining media since it would significantly reduce the area of the air-
confining medium interface.

The problem of air migration can also be reduced by speeding up the
primary consolidation process so that the total testing time is reduced.
Primary consolidation is speeded up by decreasing the drainage path length.
The most effective way of doing this is to utilize filter paper strips around
the perimeter of the specimen and to have porous disks at each end of the
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specimen. Filter paper strips made from conventional laboratory filter
paper have a negligible effect on test results for all but the softest of speci-
mens.

Estimating the Maximum Strain Amplitude Capability of an Apparatus

The single-degree-of-freedom analogy may be used to estimate the maxi-
mum strain amplitude capabilities of a given apparatus as long as two
conditions are met.

1. Specimen boundary conditions are such that one end of the specimen
is rigidly fixed.

2. The inertia of the portion of the apparatus attached to the free end of
the specimen is large (greater than a factor of ten) compared with the inertia
of the specimen.

In general, the analogy applies to most apparatuses where one end of the
specimen is rigidly fixed such as the Drnevich and Hardin apparatuses.

By assuming the specimen to be a massless, Kelvin-Voigt material, the
maximum shear-strain amplitude capability, in percent, is given by

(%) = 1.7 x 10* (ATC)/[D(%) (SAFT)] t))
where
ATC = torque capability of apparatus,
D(%) = expected shear damping ratio, in percent, of specimen at maxi-

mum shear strain, and
SAFT = specimen-apparatus factor for torsion, which is given by

SAFT = Gd3 + K., L/ (wd) )
where
G = shear modulus at maximum shear strain,
d = specimen diameter,
K., = apparatus torsional spring constant, and
L = specimen length.

For convenience, Eqs 8 and 9 are incorporated into Fig. 2.
For the case where axial compression waves are generated, the maximum
axial strain, in percent, is given by

&%) = 2 x 10*(AFC)/[D(%) (SAFL)] (10)

where

AFC = force capability of apparatus,
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FIG. 2—Maximum axial strain capability of resonant-column apparatus.

D(%) = expected axial compression damping ratio, in percent, of speci-
men at maximum axial strain, and
SAFL = specimen-apparatus factor for axial compression given by

SAFL = wd’E + 4K, L (11)
where
E = Young’s modulus at maximum axial strain, and
K., = apparatus longitudinal spring constant.

For convenience, Eqs 10 and 11 are incorporated into Fig. 3.

The use of Eqs 8 and 9, Eqs 10 and 11, or Figs. 2 or 3 requires that
specimen modulus and damping at maximum strain be known. For prac-
tical purposes, an estimate of the maximum strain capability can be made
by assuming reasonable values for these parameters. For the case of torsion,
values for these parameters may be obtained by use of the equations and
curves presented by Hardin and Drnevich [10,11].
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FIG. 3—Maximum shear-strain capability of resonant-column apparatus.

Estimating Strain Amplitude During a Test

During the operation of a resonant-column test, the ability to quickly
determine vibration strain amplitudes is quite helpful in planning sub-
sequent stages of testing and checking reduced data. Since most apparatuses
employ accelerometers or velocity transducers to measure dynamic motion,
determination of strain amplitude from the output of these transducers
can be tedious. The problem can be greatly simplified by constructing
simple-to-use graphs that incorporate the characteristics of a given appa-
ratus. The procedure for constructing such a graph is outlined in the follow-
ing and several examples are given.

Piezoelectric accelerometers are the most commonly used accelerometers
in resonant-column equipment. These produce an electrical charge which
is proportional to acceleration. Either a charge amplifier or a cathode
follower must be used to convert the electrical charge to a voltage. The
accelerometer in combination with a charge amplifier or cathode follower
produces a calibration factor which is commonly given in terms of peak
millivolts per peak-g (pk-mV/pk-g) where g is the acceleration of gravity.
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The output from the charge amplifier or cathode follower is usually read
on a digital or analog a-c voltmeter calibrated to give root-mean-square
(rms) values of voltage. Acceleration in terms of meters per second or inches
per second can be obtained by

a = V2(GF) (ATO)/(ACF) (12)

where

GF = 9.80 (m/s/g) or 386 (in./s/g), depending on system of units
desired,
ATO = acceleration transducer output in rms millivolts, and
AFC = accelerometer-charge amplifier (or cathode follower) calibration
factor in terms of peak-millivolts/peak-g.

Since sinusoidal motion exists, displacement is related to acceleration by
a = a/Qxf)? (13)

where f is the frequency of motion in Hertz.

If a velocity transducer is used, the calibration factor is usually in terms
of millivolts per meter per second or millivolts per inch per second. Like-
wise, output is commonly read with an a-c voltmeter calibrated to give
rms values of voltage. Velocity in meters per second or inches per second
can be obtained from

v = V2 (VTO)/(VCF) (14)

where

VTO = velocity transducer output in rms millivolts, and

VCF = velocity transducer calibration factor in meters per second o.
inches per second, depending on system of units desired.

For sinusoidal motion, displacement is related to velocity by

s =v/Q2xf) (15)

Now in the resonant-column apparatus where axial compression waves
are propagated, axial strain is related to axial displacement by

(%) = 2100% SF/L (16)

where

SF = strain factor to account for mode shapes within specimen, and
L = specimen length.
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The strain factor is discussed in Drnevich et al [I] and for most common
apparatuses can be assumed equal to unity (at least for estimating strain
amplitudes).

When an accelerometer is used, axial strain amplitude can be calculated
from an equation obtained by substituting Eq 12 into Eq 13 and then
substituting the result into Eq 16

&%) = 3.58 (GF) (ATO) (SF)/[(ACF) ( )* L} an

For a given apparatus, ACF is known, and for a given specimen, L is
known. The term GF is defined by the system of units (see Eq 12) and the
value of SF may be assumed to equal unity. Thus, the axial strain is a
function of accelerometer output, ATO, and frequency, f. For example,
let the value of ACF be 2500 pk-mV/pk-g, L be 0.0800 m, and GF in
International System of Units (SI) be 9.80 m/s. Equation 17 reduces to

(%) = 0.175 (ATO)/f? (17a)

which is plotted in Fig. 4. To use Fig. 4, enter the abscissa with the read-
ing from the a-c voltmeter and the ordinate with the system resonant
frequency. Interpolate the axial strain amplitude from the values given on
the diagonal lines.

If a velocity transducer is used, substitute Eq 14 into Eq 15 and then
substitute the result into Eq 16, which gives

(%) = 22.5 (VTO) (SF)/[(VCF) fL) (18)

This equation, like Eq 17, is only a function of voltage reading and fre-
quency for a given apparatus and it may be plotted in a graph similar to
Fig. 4 except that the diagonal lines will be on a one-to-one slope.

For torsional motion and shear strain amplitudes, the approach is quite
similar. In this situation, the transducer (either acceleration or velocity) is
placed some distance from the axis of rotation. This is commonly called
the transducer lever arm, TLA. Thus rotation, 8, is given by

= a/ TLA (19)
Shear strain amplitude is defined by
¥(%) = 0 dSF 100% /(3L) (20)

This equation gives the average shear strain, which is two-thirds of the
peak shear strain at the edge of a solid cylindrical specimen. If an accelero-
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FIG. 4—FExample of graph for quick determination of axial strain amplitude.

meter is used, the equation defining shear-strain amplitude can be obtained
by use of Egs 12, 13, 19, and 20 to give

¥(%) = 1.19 (GF) (ATO) d (SF)/[(ACF) (TLA) (f)* L] 21

For a given apparatus, specimen length-to-diameter ratio, and system of
units, this equation is a function only of the a-c voltmeter reading and the
system frequency. For example, consider the same accelerometer char-
acteristics as in the axial compression example plus a 7LA of 0.0346 m
and a specimen length-to-diameter ratio of 2.24. Equation 21 becomes

v (%) = 6.04 (ATO)/f> (21a)

and this is plotted in Fig. S. Use of Fig. 5 is identical to use of Fig. 4,
which was described earlier.
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FIG. S—Example of graph for quick determination of strain amplitude.

If a velocity transducer is used, Eqs 14, 15, 19, and 20 may be used
to give

(%) = 7.50 (VIO) d (SF)/[(VCF){(TLA)fL] 22)

This equation, like Eq 21, is a function only of a-c voltage reading and
frequency for a given apparatus and specimen length-to-diameter ratio and
may be plotted in a graph similar to Fig. 5 except that the diagonal lines
will be on a one-to-one slope.

Summary and Conclusions

Five aspects of resonant-column testing were addressed. The first dealt
with coupling between the platens and the specimen for torsional motion.
It was proposed that the mobilized friction between the specimen and
platens be compared with the maximum possible, which was calculated
based on a conservative assumption of 0.2 for the coefficient of friction.

Criteria for the upper limit of specimen stiffness were considered. Means
of calculating this upper limit of specimen stiffness for various apparatus
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boundary conditions were established and quantitative values were given
for specific apparatus. These upper limit stiffnesses were then translated
to convenient upper-limit system resonant frequencies.

Air migration through confining media and membranes was discussed.
Several suggestions were made to reduce air migration. They include
methods of speeding up the primary consolidation process as well as use
of multiple membranes and various liquids for the confining media.

Two items associated with strain amplitude were presented. The first
was concerned with estimating the maximum strain amplitude capability
of a given apparatus. It was shown that apparatus force (or torque) capabil-
ities, specimen modulus, damping, length, and diameter all are important
in determining maximum strain amplitude.

It was shown that the strain amplitude developed during testing can be
quickly determined by use of a simple equation or graph. Procedures as
well as examples were given for developing this equation and graph for a
specific apparatus and specimen configuration.

The work presented herein can be used to establish the limitations of
resonant-column apparatus, to improve the test techniques and, con-
sequently, to improve the quality of test results.
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